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"Closure by D. F 


MORAN,’ 1M. ASCE a and J. A CHENEY,2 A. M. ASCE. —The at authors: 


- tions should be considered when applying spectral response to any particular — 
location. Unfortunately, little exact information is available on the effects of 


Furthermore, soil conditions affect the periods of structures and conse- 
their response to a particular earthquake. Here again, little quantita- 
_ Dynamic forces of water in elevated water tanks have been considered i in _— 
. vibration studies. 3 Close agreement was obtained between measured and ‘We 
a. ‘computed periods when the tanks were nearly full which is a critical condi- a 
tion for seismic loading. Also, a full condition usually exists for these tanks 
as they are generally used for ‘fire protection purposes. 


“kg Zz may | be of interest that the authors have applied the principles of ae 
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DESIGN OF LO OF LONG | REINFORCED CONCRETE COLUMNS 


Closure by Bengt Broms andI. M. Viest __ 


was that the current design for eccentrically loaded 
long columns should be liberalized. It is gratifying that all discussors con- 


: lng with this finding particularly because two of the discussors, Professors. Ap 


Ferguson and Siess, are members of the Building Code Committee of the 
American Concrete Institute charged with updating the current — require-— = 


Basic 


_ Two of the basic assumptions, chosen 7 the authors deriving the approxi-— 
‘mate design procedure, were discussed: the effects of end restraints and the 
effects of sustained loading. It is interesting that, in 3) discussion(2) of an a 
earlier paper on the strength of long hinged columns, (3) Professor Ernst 


singled out these two assumptions as items in need of further experimental © 


a The authors rs based tk their method on the ultimate strength c of hinged columns. 
Mr. MacGregor and Professor Siess state that be ignoring end restraints. . . 
_ the authors are being justifiably conservative” while Professor Ferguson 
concludes that “Since the strength differences between long hinged columns _ 
and long restrained columns are major and not minor differences, these 
recommendations appear to be economically unsound for large 
age of all column designs. ” The obvious disagreement between Mr. As ae af 
MacGregor, Professor Siess and the authors on one side, and Professor 
_ Ferguson on the other side points to the fact that the question of end restraints anh 
_urgently needs further studies. The authors believe that until such studies _ 
have filled the gap in the present knowledge of the effect of end restraints, is 
their conservative approach is justified particularly since it already repre- 
_ sents a liberalization of the current requirements. = 
__ In the interest of future developments, the authors consider it desirable to - 
“point out that Professor Ferguson’s approximate treatment of end restraints a 
is inapplicable to reinforced concrete columns because it is based on an elas- 
tic solution. Theories of plastic buckling, such as the one presented by the : 
_ authors in two earlier papers,(3,4) show that the elastic solution represents 
4 = upper limit to the actual strength and, thus, is generally unsafe Bietcs 
sa] The authors ‘approach to columns subjected to sustained loading was was based 
one experimental evidence for short columns(5) ; as has | been een pointed out out by 


Proc. Pape 1694, July, 1958, by Bengt L Viest. 
a 1. Civ. Engr., Shell Development Co., Houston, Tex, = 
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Mr. MacGregor and Professor ‘Siess. ‘This suggests 
that the approach is applicable not only to sustained working loads but also to 
sustained overloads which do not cause failure. Only columns loaded to more 
than 85 percent of their short-time strength failed under sustained loads. On 
_ the other hand, some columns loaded up to 94 percent of their short-time — 
_ Strength sustained the loads without failure; the strength of such columns, 
when subsequently loaded to failure with fast loading, was lower than ‘their 
Ls a short-time strength but the decrease was accounted for by the permanent a 
deflections caused by creep during the sustained loadtests.§ 
Accordingly, sustained loading may affect the column strength in two ways: 
: (1) by increase in deflections and (2) by decrease in concrete strength. The — 
_ first effect is always present and may be expected to increase with increasing 
slenderness of the column; ‘therefore, it should be included in the length ef- a 
fects. The second effect, however, is present only if the column fails unde z 
_ gustained load and is independent of the column length; therefore, it should be © 


= _ used for computing the sustained load strength of all columns without muon regard Ss 
sign Equat 
Mr. ‘MacGregor and Professor Siess proposed to base the design “ aie 
‘columns on the equation for short columns and a reduction coefficient. . This 
is the same approach as that selected by the authors. . However, the two ap- 
ia j proaches differ in the definition of the short column: “while the authors de- 
a fined the short column as one with £/d £ 10 to 20 (depending on the ratio of 
end eccentricities), the discussors defined it as one with £/d S 2.8 to 13.2. 
_ In essence, the discussors suggest that for equal and eccentricities there are 
no. short columns as in in such case deflection will ill always cause some reduction 
The experimental evidence quoted by the discussors andthe 
theoretical studies r reported by the authors show clearly t that the approach ei. 
chosen by the discussors (Equation A) is closer to reality. The. only advan- ; 
tage offered by the approach selected by the authors is the simplicity of the — 
design within | the selected range of short columns \ which encompasses WP sic = 


_ Furthermore, the design procedure proposed by the authors includesa _ i. 


factor of 0.84 which represents the reduction in ultimate strength of of columns — 
with £/d = = 10. The factor 0.84 is an integral part of the reduction n coefficient i 
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Accordingly, it appears preferabie to account ior the leng elfects by the 

4 

Professor Siess proposed an equation representing a smooth transition 

: i i to the case of pure bending (Equation C). As the end eccentricities may differ we 

7 in magnitude, the quantity e in the proposed equation should be replaced ee io 


: would be unjustifiably conservative if applied in conjunction with Equation A. pe 


This ‘equation isina einai good agreement with the authors’ theoretical Ot 
values. Mr. MacGregor and Professor Siess are to be congratulated for this 


ingenious extension beyond the range covered by the Proposed 


_ The design procedures proposed by the authors and by the ania, are 


: "approximate in that the more exact analysis indicates that several factors not 2 
included in the reduction coefficient R affect the strength of long columns ue ; 
_ somewhat differently than the strength of short columns (Fig. 3). It is, there- = 
- fore, the opinion of the authors that the adequacy of the design equation canbe — 
best checked by direct ‘comparisons w with the test data. Such comparisons — “= 
were represented in Fig . 8 of the original paper. The fact that the tests were © 


by fast loading g does nc not invalidate e the « comparisons as as suggested by Mr. 

_ MacGregor and Professor Siess; it only limits their direct applicability. = 
‘However, this limitation is not serious since theoretical considerations indi- a 
cate that the effects of sustained working loads are small (less than the dif- 


‘The largest effect of | the shape of the cross- -section may | be expected to a » 
“7 ‘associated with concentrically loaded columns. The curves presented by Mr. a 
indicate that even for this type of loading the effect of the Shape 
of cross-section is no greater than the differential effects of concrete | as 


strength and j percentage of reinforcements which have also been neglected i in 


appear to be associated with enter columns; for such columns the reduction 
coefficient is particularly conservative. ‘Thus the authors believe that a a 
duction coefficient based on the £/d ratio is satisfactory for design purposes. _ 
_ However, further studies of this item are desirable particularly in nell 
_ For conventionally loaded columns both end eccentricities are equal ie 


So | that the third term ey/eg in in the equation for the reduction coefficient 


is indefinite. : authors chose the ‘ratio -e2/ey = 1.0 and then checked th the 


¥ (open symbols in Fig. 8). ah In view of the reasonably good check, the ihhes 

_ have recommended this procedure for the design of concentrically loaded 

if columns. It should be noted, however, that while this approach was applica- 7 
ble in connection with the reduction coefficient proposed by the author’ s, it . 


An examination of the theoretical curves for hinged columns 3) suggests that 

a Equation A may be applicable to ) concentrically loaded columns after setting a 
e = “1. 5 ur 
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STRUCTURAL IN EARTHQUAKE RESISTANT DESIGN® 


Closure b by John A. Blum 


mt response and energy » dhnonghenn as basic factors in the reconciliation 
4 of seismic damage history with research data and design procedures - The 
writer appreciates and wishes to thank the discussors for their ir thought, c con- - 
_ tributions, suggestions, and their complimentary as well as ; complementary 
- statements. _ It is regretted that more practicing design engineers did not — 
participate in the discussion s since many have expressed considerable interest 
& the subject matter of the pa ? Paper in connection with design techniques and a 


- equivalents s and of the effect of reversals and additional cycles o on the non- Uae 
force-deflection diagram of the composite traditional-type 
has also Provided pertinent references. The writer concurs that variable 
clearances in the joints between building elements would tend to cause varia- 
tions in the positive slopes of the diagrams and also that there would be a ei 
5 _ tendency for rounding ¢ of the peaks even on the virgin performance. In the = 
search effort it was necessary to utilize certain simplifying assumptions “Sy 
q order to reduce the already significant amount of mathematical labor and to po 
* provide for consistency. The assumptions were carefully considered, how- 


ever, usually with the aid of numerical or empirical treatment, ant =e rec o 


would not be ‘softened in the prototype because of the characteristics 

_ and the geometry of the unreinforced wall materials. These are expected 

fail in flexural tension as well as in shear even though the story — 
considered is of the “shear” ” type with the floors remaining level. In a : 
words, the hystersis loop would be expected to be initially quite distorted be- . i 
cause of the great variation between the tensile and compressive strength of ; 
unreinforced “brittle” ” materials. It is hoped that the discussion illustrates = 
the value of reinforcement of such materials and of tying them adequately a 
the main structural framing. With such construction, these elements can re-_ 

_ 8 tain integrity even though cracked, and would have a much slower deterioration 

t — rate with repeated cycles, greater residual energy value, and more symmetry 
= resistance about the origin. The ductility of steel reinforcement greatly = 

_ prolongs the hump values to provide more toughness and energy value. It is fe 

a not to be overlooked, however, that even without reinforcement (and this is ae 
Sc for new construction) there is a considerable degree of non- =o 2 ; 


calculated value in most traditional type buildings. ~~ 


— 
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Pres. Jo Blume & Associates, Engrs., San Francisco, 


_ Professor Jacobsen calculated the total energy and the lost energy toade- 
flection of 0.15 inch on Fig. T and also obtained the specific damping capacity _ 
and equivalent viscous damping ratio at 0.05 inch deflection. The writer — 

_ extended these considerations and added other data, as pe on Fig. 16. The 
increase in energy value with deflection is notable as is the fact that the equi- i; 
valent viscous damping as defined by Professor Jacobsen averages 8% of _ Aes 
critical from the point of wall cracking to the yield point of the steel frame a 
and rapidly attains the 12 to 15% range beyond the yield point. These con- 4 

_ giderations are also heuristic and perhaps inaccurate in this range but they — 

- are presented as an aid to judgment and a possible guide to further -~igeaell : 
po It would be expected that the period would initially shorten due to the oe a 

‘ hardening characteristics of the structure and then lengthen after passing the = 

A peaks and lengthen further on repeat cycles. However, even where the brittle ~ 
materials have cracked, there is still residual strength, stiffness and energy : 

value. Professor Jacobsen states this in another way by referring to the 
; “softening” characteristics on the second and subsequent reversals of loading. = 
4 We would thus expect that the fundamental period even after one ‘complete ets 
i cycle would not be a function of the stiffness of the steel frame alone, but a 
_ function of a characteristic somewhere between the original and that ‘of the Bs 
‘steel frame. - The values of period shown in Fig. 16 are estimated on the as- — 
sumptions that: no mass is lost, similar damage occurs throughout the 
building, and the effective average spring factor at the first attainment of wap S 
each deflection is based upon an elastic resistance having atriangular area 
- equal to the gross energy area minus half the area of the “inelastic” portion. “- >. 
- ‘The fact that the characteristics of the composite structure depend not only es 
— deflection but upon the prior history of both deflection and the number of 

cycles indicates the extreme difficulty of substantial resonant 

in such buildings. Conversely it also indicates that buildings which have very 
“little to participate beside the frame may be subject to much more oe | 
3 magnification than has been indicated thus far by seismic history. _ 

it is somewhat disappointing that the equivalent viscous s damping ratios 
are . not even n greater and more effective. Reference to Fig. 10 indicates — 

_there would be relatively small decrease in base shear for greater value of 2] 
"damping . The re reconciliation with damage and lack of damage has to include 

7 more forms of energy absorption than viscous damping for | assumed linear 
systems of vibration. Research work in non-linearity such as Professor | et 
3 J acobsen i is conducting fc for the he California State Division of Architecture 


_ Mr. Eremin points out the need for further research as do other discus- _ 
_sers, in which the writer heartily concurs. . He also mentions the need for __ 

‘ ‘farther consideration of the ground, as do others. There is no doubt that the ae 
"ground is an important part of the structural- -dynamic system and it must not 


Eremin also states that the design of rigid frame structures, when 
a in accordance with the recommended building codes, results in relatively safe — 
a structures. . The: writer concurs in general with this statement but with the —— 
that all ‘parameters of the problem should be considered in view 
' 3 of our relatively brief and infrequent seismic history and also in view of “a 
changing character of buildings. . There was NO intention t to in the 
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- _ Professor Rosenblueth offers many suggestions for future research in-— 


sT7 


sT 


fail. On the hand: metther should it mere would» 
_ completely eliminate all of | the participation of even the brittle elements. This 
is apparently not the case. Instead, a progressive deterioration would be ex- SS 


- pected with repeated cycles. _ Allowance for the grinding and hammering - 
the broken parts is included in the graphs, at least in part, and in Professor 
_Jacobsen’s discussion, by not reducing the amount of the “humps” more than 
a nominal amount for each repeating cycle. It might thus be said that the = 
grinding and hammering converts the kinetic energy of movement into heat “y 
a, , exclusive of possible local distress from impact, | can have a valuable, = 
a costly, beneficial effect in resisting the earthquake. . The writer in- 
spected buildings in Arequipa, Peru shortly after the January 1958 Richter punt. 
magnitude 7 earthquake and found some plain masonry walls completely shat- 
tered into pieces no larger than a few s square feet and yet all pieces were in 
place. Obviously the frictional energy and work energy were the significant 
factors of resistance to the earthquake centered essentially below the city. , 


the probabilistic approach to the technique 


poss as a sole method of design. Probability is basic in the earthquake field. 
_ Most designers fail to realize that there is a probability of not only combina- 
_ tions of various mode distortions in n one direction but also combinations s of a 


a, Dr. Rosenblueth concurs with the writer’s “plateau” type design for cer-_ 
tain flexible structures where moderate shocks are provided for on an elastic 
basis and severe emergencies ; result in motion in the inelastic range, but he 
indicates that there is no reliable method for such design. There is a simple : 

_ method which, based upon carefully studied assumptions, has sufficient — | 
curacy, if used not to supplant, but to confirm or refine designs made under $ 
accepted elastic code requirements. This “Reserve Energy Technique” is. 
offered in Fig /17 as a means of considering energy and inelastic behavior | 

" and for providing | a numerical evaluation of “plateaus” or ductility in any Bas 

= combination of materials. _ An earthquake spectrum or spectra, or analog ac 
-celerations such as in Fig. hm are used to determine ai for 5% of critical 


: damping. If only velocity spectra are available such values can be converted 
is assumed that the area under the static resistanc 


- not be ignored in research and srioge be given much more consideration ir in 


q 

A max falls below C. This method is general and may be applied to any pal as 
= structure to estimate its resistance to, deflection under, and damage from 5s 


— 


— earthquake. The are from the El Centro 
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with vertical movement. The probability of all these modes combining i 
: 7 _in their worst degree is of course extremely remote, but the possibility of ' = 
reasonable combinations by the root mean square or other procedures should 
a 
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and/or strain energy the Kinetic energy due to the earthquake, Period adjust- 
ments are also provided for yield or cracking. The assumptions tend to 
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RIGIDITY, OF ELEMENTS 
CURVE. NEVER BECOMES 
OR SLOPES UP- 
OR, THE POINT 
OF COLLAPSE FROM 
LOCAL BUCKLING. 


‘Ui = TOTAL AREA UNDER 


CURVE uP TO TRIAL 
POINT 2, 
Hi = “HUMP” AREA ABOVE 
STRAIGHT LINE FROM 
TO ANY POINT 


ETC., FT. LBS. 


Qi= SPECTRAL OR ANALOG 


= FUNDAMENTAL NATURAL PERIOD BEFORE IF ANGLE Oi IS BETWEEN 0.9 


sow Ui- 
PROCEDURE FOR ‘SINGLE MASS STRUCTURES": (See TEXT FOR MULTI-STORY UNITS) 


DESIGN OR ANALYSE ‘STRUCTURE AS PER CODE IN ‘EFFECT. 


TRIAL Ai, compute Ui, Hi, Ki, ano Ti eT nes 
AIN ai FOR PERIOD Ti 
RIG is EQUAL DESIGN THE STRUCTURE oR ee 
FACTOR AT DEFLECTION 
THE STRUCTURE 
ac- 


A GREATER DEFLECTION OR DEFLECTIONS AND 
THE STRUCTURE /OR MODIFY THE DESIGN. 


» Ridi-«: EQUAL To Less THAN CG BUT THE DAMAGE OR ‘DEFORMATION AT 
AS INDICATED ey Hi ‘1S NOT ACCEPTABLE, THE PROCEDURE WOULD BE AS IN 


EXCEPT THAT LESSER DEFLECTIONS. WOULD BE TRIED, PROBABLY WITH A MODIFIED 


ENERGY 


ELASTIC. ASEISMIC 
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— hand, work done anywhere in the structure assists other parts s since in- 


a 


NS earthquake m, single ma mass s elastic system, 
critical units in seconds and feet: 
upto 0.25 50.60 1.00 1. 50 2 2.0 


1.30 1.44 1.54 1. 90 2.00, 00 : 31 2.4" 


Vel.: use 13 1. 1. 


In the 10- -mass d runs the New Zealand building under the : same 


0. 12, and 0.08 for 2. 0, 5, and 3. 0 eeconts respectively. 
at ference (from the one-mass systems of the same periods) probably — 
from energy utilization in higher mode motion. | 

17 is for equivalent “single mass ” systems with a direct structural 
connection to the Where multi-story or multi-panels of 


| 


4 | Suggested for ‘multi- unit systems. Let Z be the number of stories, pn gi 
. other units acting in series above and including the one under considera- _ 


tion; for tall slender units without floors or other discontinuities, arbitrarily : 


assume Z the number of foot units of for each uit, 


In determining the (Uj; - 0. 5Hj) v values for each unit or story, the absolute — 
"postions of all units should be proportional to the first mode shape of the en 
_ structure. Only the net story deflection is used, ho~ever, to obtain Uj andy 
Hj. ‘Thus, A; could vary on between different stories under the same trial, i, = 


only « one considered as Ti in. cases, with an 
* additional decrease in Ki to allow for upper story yield. C in all cases is the 
coefficient used to determine shear, not force, at any level; if the rag 
code has other terminology, sa this purpose should be considered 
Seismic weight at and above story 
multi-mode systems, ; an additional reduction, up to 10% 
may be made in ai, (from one-mass system spectra) to allow for energy of i 
re motion in higher modes, but the entire ai reduction from the spectral value 
 ghall still not exceed 20% (see Fig. 17) without special analysis. However, if . 
the ai values are taken from multi-mass analogs as in this paper, no further — 
Pe ‘ae Fig. 18 presents a related but independent earthquake rating system for “4 bie 
structures. It is intended to provide a “yardstick” for behavior Comparison 
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“FROM AT TOTAL RESISTANCE “GURVE FOR THE 
STRUCTURE (AS IN FIG. 17) DETERMINE THE RATINGS 

As | PER TABLE (A) BELOW: (SEE TEXT FOR MULTI- 
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VEL 
= HEIGHT OF STRUCTURE OR STORY, SAME UNITS as is Z=NO. OF STORIES 
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1959 
a reference (standard) earthquake spectrum and tl thus to facilitate com- 
sa tans about behavior in the inelastic range. This device is also based 


upon energy capacity and the force-deflection diagram. In determining the siasits 
of Index for all four ratings, a ‘ “standard” envelope of spectra 


greater epicentral distances than thus far ‘recorded, and for greater intensity a. 

shocks than recorded. This “standard” envelope might be considered similar 
“as to an absolute : zero temperature. . Although the values may never | be attained, — 


7 for the estimated 5% damping velocity response to this reference ‘ an 


is: Velocity = 2.77 1/4 in ft. per sec. From this and the expression for 
4 kinetic energy, 1/2 mv2, , the denominator or the referenced 


These r numerical ratings provide a great deal of about a struc- 
ture of any type and how it would be expected to react to the | “standard” earth- 4 
- quake envelope as compared to other structures. The Index I “Energy” ratios 
area available energy divided by required energy, (El Centro 1940 NS “I” a 
“ratios ‘would be roughly 2.3 times greater than for the “standard” earthquake 
envelope). _ The BD and BE values may not be attainable in many cases; ; if so, 

_ that fact is noted. High BNI and BFI values are desirable and low III indexes 
are desirable consistent with high energy ratings. The optimum n combinations 
_ of values will vary with the type of risk desired. The system provided a | 
means of evaluation and communication in the several considerations of 


aseismic structural sy synamics which are not brought to light in de- 7 


ee... ‘writer agrees with Dr. Rosenblueth that one or even several actual 
aa records do not create an adequate history of seismic disturbance. 
However, for complex structures and with electric analog techniques, it seems 
quite appropriate and simple to use available complete earthquake records in 
both research and Judgment must pr provide for the non- -recorded 
ta Professor rx Rosenblueth is concerned with a weak story ina n in a multi- -story ye 
building being overtaxed in energy : absorption, since the energy absorption ae 
oP the adjacent stronger stories would be much less and possibly create a a 
dangerous condition. There is no doubt that an “under-designed” element — 
could be dangerous. A sacrific. “fuse” is not practical ifthe stabilityofa 
_ structure depends upon the fuse not failing or yielding too far. Stability must ais 


a 


po 


or continuous construction with two or more stress paths which nature will a” 
seek out under emergency conditions. The writer is convinced that indeter- 


a er always be considered, _ This points out the great advantage of indeterminate 


minate multiple-path design, even though complex, isa most desirable 


oi a earthquake - resistant construction and a type that would doa great deal to re- 
_ duce the danger Professor Rosenblueth describes. Consistent safety factors | 
are desirable, of course, to prevent weak links, but they whould be The 7 


18 
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a 
— 
— variations in energy absorption capacity that Dr. Rosenblueth — 
_ between various types of elements such as X-braces, shear walls, frames, 
etsy can also be considered, with at least a little more than crude intuition 
meeanss of the Reserve Energy technique of Fig. 17. A structure does not | 
— anatase have to be ductile if it has adequate capacity, but with oe 2; = 


DISCUSSION 
stiffness much greater capacity is indicated ex except for — low w, rigid build- 


ings. The design challenge that is unfolding is almost limitless. eae 
A>. The question of overturning moment is, of course, deeply involved with | 
; column stability, and column stability is involved with the type, the amount, 
_ and the capacity of restraining elements and their connections to the columns. 
The overturning moment design of tall slender structures is often governed — _ 
by wind rather than seismic considerations. Reference is made to Proceedings | 
Paper No. 1696 by John E, Rinne for very recent thinking on seismic over- x 
_ turning moment. Nothing stated herein or therein, however, should lead any-— 
= to believe that overturning from wind should be reduced or that buckling | 
a compression members under lateral deflection of either wind or earthquake 
should not be a prime consideration. it would seem in our present state of 
knowledge that using full overturning from accepted wind forces or overturn-— : 


- moment from seismic forces reduced as per Mr. Rinne’s paper, which ~—s 
"4 


<a 


ever governs, would produce adequate and economic results. Unusual prob- ; 
lems, of course, need special analysis. 

Professor Rosenblueth questions the sharp peaks on the masonry 
_ force-deflection ct curves since the Benjamin-Williams tests indicate flat PP se 
portions after obtaining ultimate load. These excellent tests, which were not 

_ available to the writer at the time of preparing the diagrams, are for “high “— E 
under laboratory conditions. It would be | expected that 


the fit of the masonry to the boundary framing and other factors, would be far 
_ better than for normal field workmanship. Specimens 3b2- 1 and 3b2-1a, which ~ 
had no boundary frames failed abruptly and at low values. Some of the other 
specimens such as 3b2-2 and 3b2-3 had fairly sharp peaks. It might be con- _ 
sidered that the walls of the prototype building in conjunction with its steel : 

_ frame would perform in a manner intermediate to that of the steelframed ~~ 
a walls and the unbounded test walls until the frame would become the principal - y 
; a resisting element. The shape of the total resistance curve of Fig. 7re- 

 sembles that of specimen SF1 which is actually a test of a steelframe and 

_ brick window-wall combination. The peaks of force-deflection curves could > 

_ well be rounded and extended in various cases depending upon several factors. 

However, the curves by the writer are on the conservative side; any greater mai 
- area of energy capacity would only reinforce the conclusions. Another source 
of additional energy capacity lies in the fact that the curves based upon static 
test results do not show the entire resistance that would be obtained for duc- > 
tile material under dynamic or rapid loading conditions. = 
_ Many matters had to be omitted from the paper. _ However, since Professor s 
4 Rosenblueth asked for comments on “accidental torsion” ” the writer’s opinion - < 
_ is that something should be provided for in static type codes to protect ta 
ker against a “hunting” or beating type of motion ‘developing between the transla- sl 


_ reasons and convenience, the lateral te is limited to a small central — 
: . area, usually around the ‘stairs and elevator shafts. . The lack of adequate tet. 
iy polar moment of inertia in such designs can lead to considerable torsional 
oo movement. The designer should be required to provide some resistance in oad 
_ the exterior wall planes where it belongs for best results . For the engineer a 
who blissfully obtains a coincidental center of mass and center of rotation apa a 
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‘in principle with the Mexico City building | requirement which is 
; ad against sudden transitions in torsional value between adjacent stories; mgt 
transitions are dangerous in any structure or member. 
7 _ Messrs. Murphy, Skinner and Adams make an important p point in that man 
a engineers have had a cautious view of dynamic theory because it has not al- “ i : 
ways seemed to reconcile the behavior of actual structures. ‘There is nothing 
—— with theory, providing all of the factors of a situation are considered. __ 


Re To ignore the most important elements in response has been, of course, un- 


tion damping, foundation yield, and loss of energy by radiation no doubt — 


an important part in saving some structures. Obviously, the solution mica 


a = acteristics of the : structure, the ground and of the two pooner In our present 


state of knowledge it would seem unwise in reserve energy design to assume 
more than a nominal percent of the total building energy as fed back to the T cae 


ae ground, say 5 to 10%. In the writer’s opinion there have been cases where ao ey 
soft or granular type ground has been blamed for deleterious earthquake ef- ws 
fects on a structure where there actually has been a net attenuation effect. _ 
_ Messrs. Murphy, Skinner, and Adams also discuss hysterisis damping, _ 
friction damping, and frame yield. The hysteric damping of materials in the — ‘ 
elastic range is admittedly fairly small. i" Certainly any general assumption of 4 
greater than 5% in this regard would be on the unsafe side. That is why 5% . 

_ is used in the writer’s Reserve Energy Technique, Fig. 17. A few damping _ 
measurements have been made in actual buildings. The values obtained may . 
be said to range from roughly 5% to 15% (12, 19). Obviously such valuesin- _ 
clude friction in the joints between various materials and building nein 
has been discussed by Professor Jacobsen. Assumed high damping values 


= 


of 20% to 30% of critical do not seem to reconcile either probable values or — =8 
seismic history with the spectral results for assumed elastic systems. It _ as 
; ‘seems that the principal remaining element to be considered in reconciliation ud 
is the _ work done in frame yielding, cracking, grinding, hammering, etc., of 
_ damaged motion that has occurred in the traditional type structures. Fig. 17 = 
4 _ is offered as a procedure until more data are available. 
, aA Messrs. Murphy, Skinner and Adams refer to bearing wall structures S238 
| es ae which deflect “not in shear but in bending.” The so-called cantilever type of ] 
. _ deformation of the structure as a whole can become quite significant with in- _ 
‘creasing slenderness ratios and/or with walls containing few openings. In a 
_ such cases, and this would include high bearing wall structures suchas _ Bir 
7 _ described, ‘cantilever type deformation due to shortening of compression ele- 
ments and lengthening of tension elements, may well amount to more than the 
= deformation. The flexural distortion should increase shears in the up- 
per levels but not otherwise affect the overall dynamic results. The lack of 
a complete structural frame, however, would seem to create a structure that 
— be extremely vulnerable upon any severe cracking of the bearing walls. Be 
Stating this another way, there would be no reserve elastic or elastoplastic 
£& to yield, to do work, to absorb energy, and to retain the wall pieces, ae 4, 
when the walls should be severely damaged. In the writer’s opinion, there 
;. _— be a typical initial damping value but, unless a very strong structure is 
"i i provided, not the reserve energy which would be recommended for tall struc- 4 


Mr. Binder briefly mentions the general history of earthquake design pro- i | 
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ld be no doubt that earthquake - resistant design is bot 


‘ science a an art. . The latter phase is still extremely important and will | ; 
probably remain so for a very long time. Fig. 17 and Fig. 18, for example, 


work done in the early 1930’s as well as in the 40’s that Mr. Binder mentions. “oh 
_ As in all new technical developments, it takes time and/or stimuli for — 
___-Mr. Binder correctly states that the designer should have in mind ‘not « one — 
design but two. To this the writer would add that the designer should have in 
mind not one dimension but three, and also the fourth dimension of time, as 
; well as reverse loading; possible deterioration and torsional effects. As-_ 


} a sumptions in engineering are necessary and serve a very useful function in 


and research workers are not familiar with the great amount of 


equivalent static wind or impact loadings, etc. There is no reason why simi- | 
lar tools cannot be utilized in the earthquake design field as is recommended _ 
a in modern siesmic codes. However, the responsibilities involved together 
- with the possibly great energy releases of nature are such that the engineer © 
i should constantly bear in mind the true nature of the problem regardless of 


— seismic design r regarding stress distribution, stress- strain relationships, 


its complexity. It would seem that there is a professional obligation to “ae : 

and to the public on important or unusual structures if not all structures, to 
a not only comply with the most modern seismic code but to also consider the 
; structural- -dynamic phenomena which involve too much science and art a 


a either belong in or to be capable of being included in any code aa 
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“WIND FORCES ON STRUCTURES: FUNDAMENTAL CONSIDERATIONS? 


Closure Glenn B. Woodruff and John J. Kozak 


GLENN B. ‘WooDRUFF,1 F. ASCE and JOHN J. J. KOZAK,? 1 M. ASCE.— 
+ ualliniet appreciate the care with which the several discussors have examined 1, 
9 this paper and are especially grateful to those who have pointed out the errors” 
_ therein. _ These errors will be corrected in the final draft of the paper. | At 
ae the same time the suggestions as to terminology will be considered. © 
| = _ Mr. Feld’s statement of the relative pressures on cylinders and flat plates _ 
- fails to agree with the generally accepted values (A = o) of 1.2/1.98=0.6. 
_ Mr. Feld also furnishes data for “wind pressure on ropes which may be = 
considered as small cylinders.” For a value of 60 mph, R varies from 7 {600 q 
for the 3/8" | diameter to 25,400 for the 1- 1/4" diameter. . Reducing “K” { —- @ 
“Cp” the values for the latter vary from 1.12 to 0.93. From Fig. 3, one would a 
expect 1.00 to 1. 20. It should be pointed out that the values on Fig. 3 are for os 
smooth cylinders. The rough surface of the cylinders. and the relation of the 
roughness to the diameter probably plays animportant part. ; 
Mr. Feld’s warning as to the possible results of sleet is well taken. } ae a  - 
¥ Mr. Gilbert suggests additional data as to wind forces on tapered sections. _ 
The authors have no suggestions other than applying the usual rules to the a 
average section. . There is some evidence that tapered sections are less sub- 
ject to wind-induced vibrations than are cylindrical sections. H- sections are 
‘Mr. Perrin suggests the addition of coefficients for structural sections = 
7 other than those shown. Only rarely is attention given in design to these de- 4 
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‘THOMAS w. SINGELL,! M. ASCE .—Mr. the point yegarding 


‘high local suctions on flat-roofed buildings as reported in the National Physi- 
cal Laboratory tests. The Swiss Building Code, as reported and detailed in 

_ the tables presented, shows, for each building profile, a value of local suction 

a at a value greater than the average for the roof as a whole. These are indi- 

° cated by shaded areas in Table 2. These values are, however, smaller than q 
reported by Mr. Scruton. It is recognized that the designer will need to apply of 

good judgement in the design of projections such as eaves of buildings, roof 
fastenings, and other extreme projections. It is expected that good design Neal a; 
techniques can be accomplished with the proper evaluation of design criteria 

a ‘Mr. — has noted the improvement shown in Table 1 for the aie 


. The 
Swiss Code also recognizes this in outlining two coefficient values: Cpa 
external forces and Cpi for internal forces, which are additive algebraically. 
It is evident that the Duchemin rule does not provide the correct loads for - 
_ design since only pressure is indicated and no suction loads, yet, the writer — 
has seen many recent specifications written incorporating this obviously out-_ 
.& dated and inaccurate formula for wind pressure on gables roofs. ‘ The writer — 
¥ a concurs with Mr. Perrin that tests in a wind tunnel are the best means to a 
achieve accuracy in determination of wind forces but this is impractical for 
4 the daily task of a designer who must make many y determinations and applica- — ; 
7 tions of wind forces. _ It is hoped that many more detailed wind tunnel tests = | 
will become available to the civil engineer to make the design job more ~ ae 
y Mr. Saffir and Mr. Glas (by letter) point up the drafting errors which oc- 
_ curred in Table 2 and the writer regrets the errors. When the Final Reet 
a is completed these errors s will be corrected. —‘Itis 3 gratifying to learn that - : 
- ‘Mr. Saffir has indicated that the Swiss Code data has been used in the Miami | 
area for several years and that the concurs that peed Swiss Te is the =... 
Gilbert calls attention to the of the Test data in Fig. 
_ This was inadvertently omitted and will be added in the Final Report. The i. 
differences : in nomenclature will be considered and made clearer by al 


7 - ate symbol and symbol and designation change. The man-made wind forces or bomb blast a 
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"effects referred to by Mr. Gilbert a are e believed outside the ‘scope of ‘the 


__ bibliography will be made to make this part of the work complete. . The write ak 
appreciates Mr. Gilbert’s interest in establishing a design wind pressure. av weit’ 


basic information. - Perhaps the whole Committee c can take v up this excellent — I 
suggestion in the Final Report since it is so important to the designer. Ss ; 


& of the other sections of the Committee report w were intended to give this ce | 


_ Professor Ackeret of the Institute for Aerodynamics, Zurich, —— 
i (by letter) has commented on the use of the Swiss Code in this paper. r. In ee 
Figure 1, for coefficients for gabled buildings, Professor Ackeret suggests 
* 4 the external coefficients be indicated as as “average” since for high local oa 
f oa tions or pressures these values r may be g: greater. He also called attention to vl 
= the drafting errors in Table 2. In addition, Professor Ackeret suggests a _ 7 ue 
limitation for the average coefficients between : an height to width of . 3 
ratio -67 to 1.5 and a length to width of building r: ratio of 2.5 to » 40. This LT i= 
seems desirable since it is not intended to cover all possible combinations ~ 2 i 
_ of building size since in all probability, the wind tests were made on a selec- -— 
wy ted group of building profiles $ The writer wishes to thank Professor Ackeret 
_ for the use of the Swiss Data valentine excellent comments Ss regarding their use & 
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WIND FORCES ON STRUCTURES: we 


Ww. WATTERS PAGON, ASCE. —Mr. . Feld hes waleable his- = 
*- torical information regarding the development of the design for towers. Since 
x he gives no ‘Solidity data for the towers which resisted destruction, and for. ae. 
- those which did not, the author is unable to — his information with noel 
a Mr. Perrin mentions that the factor 1.8 in Eq. (2) and Fig. 1, is s larger — rome 
: than the 1.6 suggested by Buchegger; and he refers to his formula Cp’ = = 49 - 4 

562, which is the straight line Cp = 4 - 59. If plotted on the new Fig. Ta | this 
"approximates the values on the central vertical axis for small values of g, but 
! Ee well for the larger ones. He also mentions the clustering of values around iy 


1.6 for b/d = 0.0 of Fig. 7. The author still adheres to 1.8 as an envelope _ — 
which holds for all but the smallest values. _ By including the line Cp = 1. 55 f 


= also included in the large chart portion. ‘ed 
i Bi Mr. Scruton also comments that the e value 1. 8 is conservative. When 7 
* committee makes a final report, the choice will be theirs. His discussion a 
was brief, but he also sent (by letter) some further data which deserves in- i. 
| Stasion. First, he furnished tests for = 0.183, with b/d = 0.25, 0.50, 0. 75 
re and 1.0 which extend the range of Fig. 7 so greatly, and so consistently, that 
the author submits a revised supplement, Fig. 7a, which is plotted to op na 

scales. There is an interesting set, for 9 = =0. 283, with Cp = 2.4 when the 
¥ diagonals of the front and rear faces are crossed ‘as usual), and 2.3 = 
they are parallel. There is insufficient space to include this latter on aa . 

and 7a, but they conform to others of similar solidity. (See Ref. Q). a. i 
his general discussion Mr. Scruton first, warns that the drag coeffi - 
ee cients apply only to the bare tower, and for wind at 90°. He sent, second,to 
a the author a copy of tests on an actual bare mast, and also the same ar 
_ with two different sets of “fittings.” There are included herewith supplemen- — 
4 tal data in his Figs. 1, 2, 3, Tables . 2, 3, and photograph of the bare model 

to 3/8 scale, with dimensions. 

original, 6 ft. long, full scale ‘mast at 100 fps. but: the ‘dimensions refer 

to the 3/8 scale model shown. (See note under Ref. R in the Table of . : 
References, for authority to publish the data). 
The interpretation of the symbols is as follows: - 


 CandD refer to t to the cross wind, and saieopiei forces in! Ibs., full scale mast, " 
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Ce Che coefficients = 1/2 p 


= the “shadow” area of the mast ere ona stars normal to the wind = 


s’* = the chested @ area atc one fact of the mast; and when beta = Se de 


“The Figures show the arrangements of the fittings within the mast. 


_is the 3/8 scale model, when bare. These tests are the only ones, to the = 
author’ s —" which deal with a bare mast and two ‘arrangements of 
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Reference is now the revised Appendix Il, and to new Ta 


Additional material to be included in the List of References: - 


Data received by the Author directly from Mr. S. National 
Physical Laboratory, Middlesex, England. Noted as 


pig National Laboratory, NPL/Aero/355, “Empirical Formulas 

for the Tunnel Blockage Correction for Wind Force Measurements on Lattice | 

"Structures, and some Wind Load Coefficients for Lattices Masts, C. ‘Scruton’ 
e Permission has been given to the author to publish this unpublished data with 

ee this note: “The data in NPL/Aero/355 was obtained in behalf of the British 


Insulated Callender’s Construction Co., Ltd., , and is now published by permis-— 
sion of the Director, National Physical England.’ 


Plotting of Means of Figs. ‘land ta, when i is Known 

When, from a preliminary design of a given span, there is known an ap- 

(2) yields the value Cp = 1. .8 for a single truss, i. e. for b/d - in 
Eq. (3a), revised from Eq. (3), yields the value (Cp)? equals 1.7 divided > 

ty which h the author derived by a semilogarithmic plotting of the available 
data in Fig. 7, and which is a fair derivation considering the diversity of i 


where has a numerical value, varying with curves 


two lowest, Fs and F4, however, since ‘plotting of them on ‘Fig. 7a 
_ add to the ‘confusion, . there has: been shown at the bottom a | sloping | line noted — 
as “slope of s-term” which passes through b/d = = 1.0 and Cp = 1. 0, from r 

_ which, use of a parallel ruler, each curve can be i —— the central 
axis at Cp - aes as follows: te 


| XP NPL ASCE Ay Aa 
Cp at 1. 0) 3. 05 2. 43 2. 56 2. 50 2. 40 2 f 2. 1.8 


0.183 0.250. 0 0. 0. .270 0. 0.354, 0.394 0.48 485 
ig all of which the can be plotted with good approxima- 
= for value of § from 0.18 to 0.43, and with less for 0.458 and 0.637. 
“os Some Comments as to the Upper Limit of Cp for two Trusses | 
ae In the body of this report the author has stated that the drag of a pair ~ me 
trusses | cannot exceed about 185% of the value of Cp for b/d equal zero, i.e. 
on at very wide spacing, since there is loss of energy by 
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= *S be extended to 1.85 x 1.8 = 3.33 it will be found that the pcstronn 
b/d value is about 2.0. Since the truss had a @ - value of 0. 183 the pressure 7 
_ recovery was more rapid than for the other test specimens. Similarlyif 
, Flachsbart’s F3 be extended it will not reach a value of 3.33 until b/d is far 
_ The author does not content that the semilogarithmic plotting holds ‘for 
values of b/d = 2.0, and more, since the assumption of the logarithmic shape ' 
is merely an approximation from the test values, and the ranges shown in 
_ It appears, however, that the plotting utilized here is sufficiently close to 
. give Imowledge f for or b/d, and aCpv values beyond t the range | of of the models teste tested. 
a In the text the author did. not make use of Ref. K, “Experiments ona oo 
= model of the Severn | Bridge” because the solidity, 9, was not given in the text, 
and the drag force was given as the force on a 180 ft. long section, including ~ 
7 deck, latticed floor beams, etc., in a wind of 100 mph. There was given a Cl 
_ photograph of the elevation plan, and the cross section. Scaling he finds that > 
@ had a value of approximately 0.23. The b/d spacing was approximately _ 43 > 
’ 80/30 = 2.67. For normal wind there was a drag of 124, 000 lbs. on the 180 ft ft. . 
section, hence with g = = 0.23, and q = 25.58 lbs per 8q- «9 there results a Cp i 


value of 3.9 trusses, deck, latticed floor beams, etc. Inserting in 3 Ta it 
CORRECTIONS. — —Page 2, line 37: Omit semicolon 2 after the wor words spate “i 
Page 10, line 28: Change Fig. 7 to Fig. 6 


a 16, line 13: _ Change Ref. I to Ref. G. 


_ Page 28, Footnote: ‘Change “ e” to “f,” and on the second line omit the word 
be that the two lines are covered by the same note. — 
Page 27, Omit insert the revised iil. 
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WIND FORCES ON sussect 
Closure by by F. B B. Farquharson 


F. B. FARQUHARSON, ! F. ASCE.—The several comments provoked by 
‘this paper are sincerely appreciated and reply will al made in the order of © 


q The additional reference suggested by Mr. Gilbert : is included in the 

author’s total bibliography and it is hoped that a considerably empented 

Mr. Balog’s reminder, that suspended roof structures are often subject to. : 

oscillation under wind action, is monte welcome and due “note w will be made in 
= As Mr. Balog notes, arch bridge hanger failures have been rare; but the 

fact that failure aid occur in one reported case (1927), has not received suf- 4 . 4 

ficient publicity. The more recent manifestation of this type of oscillation 
_ (without failure) on a similar structure highlights the general lack of inforr 
ie tion in this area. It should be mentioned that the use of flexible hangers, ie ne - 
- generally wire rope in these days, does not eliminate the possibility of os cil- 
lation. When used in groups of four on large suspension bridges the longer — f 
-_ hangers have frequently oscillated to such a degree that they have made con- re! 

- tact with each other. A common remedy has been the installation of yal 4 
‘spreaders at several points s along the length of the suspender group with an j 
result that the total group might then oscillate in torsion about a vertical axis. 
Balog’s reference in his fourth paragraph (p. 1882-23) regarding 

- *Stiffness in the Structure” is misapplied. The statement referred to con- 

cerns the well known fact that on any structure oscillating due to vortex : 
_ shedding a change in wind velocity may excite motion at a uency — 
appropriate to some other natural frequency of the structure. The statement 
= the second paragraph (p. 1882- -24), regarding the shape of the top chord - 


list may be included in the final publication. 


_ a top- -deck-truss -stiffened section, clearly sta stated that, so far as the aerody- 


- namic effect of the s stiffening truss is concerned, the shape of the top chord Ba 


and its proximity to the deck are the controlling factors. ps The many — 


- dynamic dosten, of any structure subject to oscillation under wind action, but 
; rather as a brief over-all statement of the nature of the problem, supple- — 

mented by a selected list of significant references. = id 

_ The remainder of Mr. Balog’ s discussion falls outside of the intended iol ; 


¢ the paper, except for his remarks on the nature of hoa bases at the site. 


= July, 1958, by F. B. 
Prof. Civ. Ene., Univ. of Seattle, ‘Wash. 
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re wind | imparts energy to the structure 1 in the most efficient manner. 


- ae Mr. Scruton’s discussion was especially welcome since it coincided with | 


the first information that the author had seen, that he and his’ colleague, = 
_ Mr. Walshe, had apparently solved the problem of wind- excited oscillation of 


= is a highly important area which merits far more attention than it _ 


y is 
timely. However, in most structures subject to oscillation the a 
é 


structures with circular or nearly circular cross- section. The successful - 


application of this device to existing structure which has oscillated will be 


awaited with great interest. 
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rigid structures, or structures of low natural frequency, may fail 
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GOLDEN GATE BRIDGE VIBRATI STUDIES 
"Discussion by Louis Balog 


4a 


investigation was financed partially by the Bureau of Roads and it 
~ conducted from May 15, 1943 to June 30, 1950. Therefore, more than eight ies 

‘years have passed since this work was done. During these eight years, the be . 
vibrations of the Second Tacoma Bridge, and more recently of the Mackinac — =e 

Straits Bridge, have also been measured. This report would be more valuable 
if data on these two long - span bridges would be included for comparison. a aa 

of its resistance to : aerodynamic effects. ‘They also influe 

— cost and appearance of the bridge. In fact, the solution of the aerodynamic — 

_ problem in the case of the type of bridges under consideration is the provision 

' of sufficient sectional areas for the chords and the diagonals : of the vertical 

: and the horizontal trusses. Misinformation concerning these values make a = 
report not only worthless, but it may become the cause either of future — 

x troubles or of waste of materials and work. In the present report * gS 7 
states: “A bottom lateral system has been installed” on the Golden Gate _ 
Bridge, without giving any sectional areas or the resulting torsional moment 


of inertia of the suspended structure. This omission impairs the technical a 
an _ The Golden Gate Bridge made no objectionable oscillations for 14 years. 
‘Such’ movements occured the first time on December 1951. The ‘recorded 

a of this storm are the first published description of the more or less a 
complete movements of certain points of the largest suspended structure built 
up to now. Unfortunately, the direction and velocity of the wind were meas- 

. ured at one mid-span point only of this 6,450 ft long bridge. Therefore, the 
rapid build up and disappearance of the large torsional motions in the first 7 
_ asymmetric mode cannot be established. This is indicated also by the ob- ee a 
_ servations made on February 11, 1941, when the direction and velocity of the _ 

wind were measured at one tower top only. At this point, both wind direction i‘ 
and 60 mph velocity remained constant during the change in the maximum — 

lateral deflection of the main ‘Span as follows: 1:15 pm 4 ft, 2:50 pm 5.6 a 
3.10 pm 4.6 ft, 3:15 pm 2.9 ft. Or, during a 5-minute time interval the lateral 

_ deflection dropped 63% without any change in the wind conditions. This is or ae 

evidently impossible, because only a corresponding change in wind conditions 


can bring about a change in these deflections, all other 
if 


them cannot change. Pos 


ther 
Louis — This report. the author states. ic “A contribution of the 
ful 
ill 
4 
% 


__‘The author’s reasoning cannot be correct in stating that th the pi primary ob- 

a stacles in the way of building up higher amplitudes in the first asymmetric . 
torsional mode on December 1, 1951, were the lifting action at mid-span, the P 
opposing direction of the longitudinal motion of the cable and the suspended ~ 
structure and the wind shoe bearing plate friction. It is more likely that the | 

_ wind characteristics have changed. The wind condition which resulted in the 
large torsional motion occured only « once in 14 years, its great rarity seems 7 


location. _ 


"asymmetric t torsional mode broke suspenders, iron ‘floor beams, wooden 
railings, floor planking and curbs of the practically flat-plate . 
- - wooden suspended structure in 1826 and 1836. In 1839, oscillations in the aay 

same torsional mode, broke more than one third of the ‘Suspenders, iron cal 
4 floor beams, floor planking, railings. Completely destroyed was the lateral 
- bracing between the four double chains, spaced 12 - 4 - 12 ft. This bracing» 
consisted of cast iron tubes between the joint plates of the chains, tied by : 
wrought iron bolts passing through the tubes and the joint plates. In restor- 
ing the bridge a third layer of wooden planking and longitudinal wooden stif- 
‘ fening elements were added. 43 With this suspended structure, , the bridge made 
a objectionable motion for 100 years. In 1940, it was completely rebuilt. ee 
- _ It is possible that the wind conditions which damaged the bridge three ‘pile! 
|= during its first 13 years of existence never reoccured of sufficiently eal 
long duration to overcome the added rigidity of the suspended structure. In 
_ contrast to the stabilizing effect of the added stiffnesses of the suspended © i" 
_ structure, _ the frictional resistances in its original condition and in the 444 | 


_ joints of the laterally braced chains, were inefficient in hindering the wind- 


* Without knowledge of the wind conditions along the bridge, the causes aS 
rest and movement cannot be definitely established. Laboratory experience 
ny also conclusively showed that without reliable information on the exact _ 
_ velocities and directions of the wind at the site the behavior of the structure 


cannot be reliably forecast. = | 
vad _ Experience has demonstrated that the structural rigidities which assure 
_ satisfactory stability in wind can be produced by most reasonable structural © 
_ arrangements. Experience seems to have also verified that the square of the 
span coefficients is a measure of the relative rigidity characteristics of 
7 bridges of comparable structural build and aerodynamic configuration. For ‘ 
~ this reason, the square of the span coefficients of the Golden Gate Bridge and 
of two more recent long-span bridges are compared in Table 1. The 1/12 bees) 
values of the Second Tacoma and Mackinac bridges and the I,/ 12 values \ of all 
three bridges originate from incomplete published data. Study of the plans of 
_ the Tacoma II and Mackinac bridges may r result in more similar vertical and — 
torsional 


as _ Table 1 shows that the cable stiffness of the Second Tacoms and 1d Mackinac ss 


4 __ bridges is only 70% and 60% of that of the original Golden Gate Bridge, , and 


— 65% and 57%, respectively, of the altered structure. These values indicate — 
a recognition of the fact that with increasing span length any practical in- 
“crease in weight becomes less and less effective and more and more expen- a 
"sive for contributing to aerodynamic stability. The structural properties +“ 
the Golden Gate Bridge were considered to be obsolete at the time of the de- 


sign of of the 1940, i in all static were 
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Center | Width | T Dead Load ae a of the Span Coefficients 


Golden Gate, on riginel 


 *cComputed by the use o asoumed ‘sectional a areas. 


‘scale by a cable stiffness alee of 1.53, ¥ 53, without trusses, by suffi- 
ciently decreasing the sag inthe cables. 
= relatively great static c stiffness of the Golden Gate Bridge cables is 

depicted by the fact that more than 10,000,000 lb, b 400 lb per ft, load has an 
“be placed on the 4,200 ft span so as to create maximum torsion, in order to 
_ produce a deflection equal to the single amplitude which was built up in 10 
2 minutes in the first torsional asymmetric mode on December 1, 1951. s The 

author seems to have confirmed the or ‘the cables in 


. a the bridge and may reduce all oscillation to random movements of 1 no ri 

significance. *” That added bottom laterals have substantially increased the 
= structural cemping was stated also in 1954. Contrasting this, now the footnote 
: states; “*... since its installation. . . No torsional oscillation has been re- 

_ corded and the maximum double amplitude of vertical oscillation was of the — 
pe of 22 inches. . . This movement, of course, is not affected by the bottom 
lateral system. ” The additions contain 4,890 tons of steel, (1) less.than h a 
of this tonnage, ‘about a ¢ of the total « dead load, is is in the bottom lateral 7 


_ Apparently uneffected by the extensive theoretic and Sshevatory efforts, 
- united States practice considered the aerodynamic excitations by designing ; 
suspended structures of empirically explainable stiffnesses in the long- span , 
_ range, and by returning to the pony ' trusses of the 1930’s on the purely em- 
: pirical basis in the shorter-span range. Pb ‘The design procedure consists of 


_ providing certain moment of inertia values for the suspended structure, = 
-Tespective of the tools usedinthe design, 


‘The > vertical and torsional moment of inertia of the actual ‘Suspended struc- 

tures are not absolutely defined, therefore, the square of the span coefficients, a 

“which constitute an empirical interpretation of these values, are not precise 

quantities. However, if these coefficients are computed similarly for similar 

_ ‘structural arrangements, it would seem, that they usefully depict for design a 
or rating purposes the relative aerodynamic rigidity of the bridge. ae 

‘If aerodynamic stability considerations would not exist the 
sections ‘would be satisfactory because by cable layout all traffic and 


this (2,800 | 60. 6,660 (1.93 0.0061 0.0020 
- 
bas 
e 
ral 
ing 
. a _ ness of the suspended structure without bottom laterals and the bending stiff- § 7 
tly ness of the towers were found to be insufficient to influence the motion.” (p.15). 
author states further (p. 34): “. . . the bottom lateral system which 
cure 4 
ural if _ diagonals, the resulting torsional square of the span coefficient of the sus- _ Bi. is 
of the 2 
l and — 
und 
4 
ate 
> de~ 
sasily 2 


a wi design oni, can be satisfied. _ However, the static and dynamic 
_ rigidity characteristics of the cables greatly differ, and insufficiently stif- 
fened bridges failed or oscillated undesirably in wind. The allowed computed 
deformations of ‘Suspension bridges du due to > design live load and temperature — 
- changes are much larger than of trusses and arches, the actual traffic deflec- 
tions of long-span suspension bridges, however, are but a small fraction of — 
the computed values. The rigidity requirements of the suspended ee 


are gc governed by the wind. 


Golden Gate Bridge was completely satisfactory for traffic, 
_‘mever caused the computed 1/190 deflection to segmental length ratio, 2.6% 


grade change or 10. tilting deflection. Its w wind excited oscilla- 


: ‘torsional oscillations due to measured wind conditions, inferences concerning 
7 _ the required torsional rigidity of suspended structures can be drawn. This _ 
structural remedial measure of long known effect could have been 


: 
f 7 | olden Gate Bridge is stiffened against wind vibration,” Engineering =| 
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TRIC FORMULATION OF SLOPE -DEFLECTION EQUATIONS® 


MATRI FLECTIOD 


as Mr. Pei stated, to present a of the slope- 

_ deflection equations in a manner which is straightforward and methodical. It 
is believed that the discussion has increased the value of the original paper, : 


October, (1958, by Chu-Kia Wang. 


of Architectural Eng. Univ. of Illinois, Urbana, 
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THE E FACTOR oF SAFETY DESIGN OF TIMBER STRUCTURES? 


_LYMON ' C. WOOD+.—In reply to Mr. Stern’s discussion, it should be noted Br 

that the grading of lumber for strength is not perfect, either in principle or in 
_ practice. At the same time, rules for the structural grades of lumber are ere M 
carefully considered and do a generally good job in assuring the expected 


OR Richard | G. . Kimbell, Jr. —Repetitive structural members such as joists or 
» but 
; with different values for one or more of the factors affecting safety. “The Pad 
range of growth characteristics within a grade of lumber was recognized as 
a specific factor in table I and also in the illustrative example of the product 
Emilio Rosenblueth. - -1. It would seem that key members whose ae 
_ might cause total collapse should have an 1 analysis of safety separate aly 
that of other members in the same structure whose failure has less disas- — 
trous consequences. Such key members might well be a lower 
wa stress for a smaller probability of failure. ORR 


would permit a better evaluation of this factor in the of structural 
_ members. _ As Mr. -Rosenblueth points out, the variation of live load may be 
_a function of the loaded area. It does not necessarily follow from this that - 
live load distribution is dependent upon the permissible probability of ine 7 
i _ 3. Establishment of the permissible probability of failure on a rational 7 
basis is a desirable objective, but beyond the scope of the present paper. ae A 
it Rosenblueth’s analysis, based on probabilities of individual variables, is 
interesting and useful. Probability analysis was considered by the author, 7. a 
te ‘but was given up in favor of the method used in the paper, which appeared to 
4 give a more complete picture of safety. - The author prefers to think of the 2 
_ factor of 5.0 (or 5.156) between the nominal and the safe strength, not as a 
y reduction factor whose purpose is to convert laboratory test values to the — 
conditions of structural use as as safety (See introduction to 
L. Cizek.—Mr. Cizek’s analysis on minimum test values s with appro- 
i priate reduction for long-time loading and for grade is a simple anddirect _ 
approach th: that ‘gives a good working stress when other factors safety 


Proc. Paper 1838, 1958, by Lymon C. Wood. 
-_Engr., Forest Products Lab. U. Dept. of Ag: 
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re between plus and minus. However, this balance between 
_ plus and minus does not occur in all strength properties and all structural 
uses. The more comprehensive method in the author’s paper is believed 


gs more satis application e\ even though it involves a substantial amount of 


Milos Vorlicek.--The method outlined by Mr. Vorlicek is most interesting. © 
ih the early work leading to this paper, it was thought that at least two, and a { 
possibly more (normal, uniform, etc.), types of frequency functions were . 
_-- needed to define the variates, and that definition by the mean, the coefficient 
variation, and the “coefficient of skewness was not enough. The random 
Product method has the advantage of being usable with any or all types of | 
mathematically defined frequency functions, or even with an observed fre- = 
quency function that has no mathematical expression. _ However, some recent 
. work has indicated a likelihood that all of the variates can be approximated ag" 
_ reasonably well by normal frequency functions that can be definedas Mr. 
-Vorlicek has suggested. if this is true, Mr. . Vorlicek’s solution is preferable, 


especially where an electronic computer is not available. 


— —Finally, the author wishes to express his thanks to all of those we 


_ who have taken time to study his paper and to prepare their thoughtful com- = 
; ments on it. Their discussions have contributed significantly to the study of — 
the important subject of safety intimber structures. 
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R. F. —In Dr. Stern’ s ‘emphasizes the use of 
a hardened high-carbon steel helically threaded nails. While trusses have been 
built using hardened threaded nails, a discussion of their merits is beyond 
the scope of this paper. Practice has demonstrated that perfectly satisfactory 


wood trusses can be designed and built using either glue or common nails for | 


_— In general, the writer is in agreement with the statements made by Mr 


_ David Countryman. While he states that lumber need not be dry for ae. - 
trusses, I think Mr. Countryman would agree that a better easels hmenind result 


by the use of dry lumber. 


De 
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REVIEW OF LIMIT ‘DESIGN FOR STRUCTURAL CONCRETE 


Discussion by A. Sawyer, Jr. 


—_— A. SAWYER, IR.,1 F. ASCE.—This par paper is extremely valuable 
as a concise survey ¢ of much of the work which -h has been done in a now- 
adolescent field, from which, with maturity, can be expected a major -contribu- 
bat tion to American design practice—the field of limit design of concrete. The 
_ paper is especially significant in ‘giving the work of A. L. L. Baker and — 
at the Imperial College, London, some of the prominence it deserves in the = 
i American literature. This pioneering work may be said to consist of contri - 
_ butions in three areas: experimental research, a design philosophy which { 
a agrees with experimental results, and the analytical methods by which this — 
philosophy is translated into practice. The experimental work listed in the ce 
“References” (to which the recent paper by Mattock(1) should now be added) 7 1) 
are worth cz careful study by anyone interested in limit design. 
‘The contributions of the Baker group to a design philosophy are no less > 
_ important, and these contributions were well summarized by the authors - 
their concluding remarks. To the writer, the key point of these contributions 
is that, for a reinforced concrete structure of certain external dimensions and 
“elastic properties, the in 1 placing reinforcement, has wi wide latitude on 


‘aa to the redundant moments. From this latitude stem the potentialities 

a limit design f for economy, deformation control, and facilitation. of construc- ' 


_ However, the writer’s principal purpose is to confirm and discuss the — 
authors” recommendation that further Study is needed on the analytical ap- 


proach to limit design. Although Baker’s general equations, (3), provide 


-anice mathematical statement of the relationship between the redundant 


moments and the plastic angles, , the writer would aa that there isa x 


need for an | analytical method whic 


1. Allows the designer to relocate plastic regions or “hinges” without ~-l 


ie of Eq. (3). Such ready relocation may be desirable during an analysis for a ‘at 
certain loading system and is certainly desirable ened a structure is re- im 


analysed for a new loading or r position of live load. 


=. 2. Allows the consideration of more than ‘n” plastic regions. Baker’ s 

equations are restricted toa maximum of *n” regions, but theoretically 
many more plastic regions may form in a structure prior to its collapse if 
its members have inelastic curvature at a section over any range of momei. i 

a. Proc. Sagar 1878, December, 1958, by C. W. Yu and Eivind id Hognested. 
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; and real ‘1 members 2 always do. * These extra regions may cause important re- 

in redundant moments or plastic angles" at other regions. =. 

a Includes the conditions of statics governing ng the structure. “The equa- 

tions of statics must be added to Baker’s equations t to ee define the force 

system selected by a designer fora 


itself, compatibility between p plastic deformations and 


ge moments, the actual moment distribution and length of a plastic region being — 

iy 4 primary determinants of rotational capacity. (It is not sufficient for the rota- 

tional capacity of a region to exceed the required plastic angle if this capacity 
] lized at t higher than the actual t. its a 

is only realized at a moment higher than the actual momen — 


5. Exploits, ‘the nu numerical technique of the 7 
_ methods of moment distribution and the column "died (ore elastic we 


3 feature. Although the elastic limit is imebaien at working loads for anne 
= -designed structures, the elastic solution is often useful in limit design(2) 
The writer has presented(32) a limit, or “elasti-plastic,” analytical 
incorporating these features and including illustrative examples in- 
volving analysis of two reinforced concrete frames by the method. This rie 
method, overlooked by the authors in connection with concrete ap- 


=. assets for concrete design—that the reinforcement may | be changed ana 
_ the moment-curvature relationship) during the analysis without the necessity — 
_ More recently, L. P. Johnson and the writer have presented(3) = 
7 "method with the above-listed features which is directly applicable to con- | 
~ crete limit design of any structure to which the Cross method of moment dis- 
tribution is applicable for an elastic analysis. In this presentation it was re 
= that for this method, also, the plastic portion of the moment- 


curvature relationship my be changed at any time at the discretion of the 
br _ Admittedly, | these methods probably represent but stages in the evolution - 
os development of the ideal analytical methods for limit design. oped wrt a 


3 1 ‘Mattock, A. H., , “Redistribution of Design Bending Moments in Reinforced . 
iat Concrete Continuous Beams,” Proceedings, The Institution of Civil Engi- _ 
j 
Sawyer, H. “An Elastic Criterion for Plastic Design,” Proceedings, 
ALS.C.E., V. 84, N. ST 2 (March 1958), pp. 1566- -1- 


ie Johnson, L. P., and Sawyer, H. A.. , “Elasti- Plastic Analysis of Comtianens.. 
and Frames, » Vv. . 84, 8 (Dec. 1958), 
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T. MAVIS, . ASCE .--The abstract of the paper re- 
_ sistance of reinforced concrete beams — and that would seem to be a more 
appropriate title than the one that is assigned to the paper. _ The authors dis 
cuss load-deflection behavior, both in and beyond the elastic range. dala 
oe authors list seven assumptions (p. 44) as ground rules. ‘Then they a 
- deduce loads and corresponding deflections (by way of algebra) consistent & 
these assumptions by operations involving statics and geometry. Since 
data to support the savalined stress-strain diagrams for steel and concrete in 
f Figs. 1 and 2 are not given, , it may be a matter of opinion whether these _ 
curves have meaning beyond the examples in the paper, 
_ More important than the apparent refinement of slopes in the idealized a 
strane strain diagrams for steel, and the equations on the idealized stress- a 
_ strain diagram for concrete, are the maximum strains shown in Figs. 1 i? ae 
¥ These figures suggest that for reinforced concrete beams, the maximum 
- strain in the steel is in the order of 5 per oo, ae the maximum strain in — 
_ the concrete in the order | of 0.2 to 0.3 per cent. _ Unraveling the equations on 
ht 2 for 5000 psi concrete; E¢ = 4,100,000 psi; € = 0.225 per cent; and €u 
4 (whatever meaning it may have) is about 0.3 per cent. One may have mis- a 
E= grade and inter mediate grade steel, and for 5, 000 ; psi concrete. . 
_ The authors rely on “algebra” as the logical link between their assump- 
tions and their conclusions. Accordingly they must idealize the basic | ‘stress- 
strain data in equations of limited range. Such idealization is unnecessary i. ve 
“a -one uses (a) the well-known “transformed area” technique in the elastic a 
= determine the initial slope of the load-stress curve; and (b) an prema 
... the equally well-known “ “area- moments” technique to find the initial slope ~ 
of the strain- deflection curve. Combining these two straightforwardly, one a 
pe the initial slope of the load-deflection curve for a given beam under as- 
signed conditions of load and support. _ Similarly with an added adaptation of 
es. “solid of flow” technique, well known in elementary hydraulics, to the 
case = = Ec in the authors’ Fig. 3, (concrete stress blocks for various 
strains) o1 one can obtain without obscure algebra the load and | deflection cor-— 
-_responding to the maximum strains in either steel or concrete — whichever 
re, With these two limiting values — (a) the initial slope and (b) the : 
a near-maximum deflection and corresponding load — — one can either sketch “7 
the intervening curve by of the consistent stress-block for 
a Proc. Paper 1910, ade 1959, by G. R. Swihart, J. R. . Allgood a and 


‘4 FTASTT 

ign(¢ 
ap- 
i} 
} 
or 
ying 
ion- 
= 
rced 
igi- 
4 
— 


cd “relatively — load” in ‘Fig. 3, compute one or more intermediate ‘potete on 


7 Using the method as here outlined, the writer has found very satisfactory 

_ agreement between observed and calculated load-deflection curves for labora- 
beams of different proportions, ‘different loadings, and different materi- 


; 3 als - -- - including structural grade, intermediate grade, and hard grade steels. 2 


Indeed this is to be expected if the basic assumptions are valid and adequate. _ 
_ The problem as approached by the authors is of passing interest so far y 
_ static loads are concerned because it is improbable that a structure would _ 
subjected to such extreme punishment in ordinary service. However, 
under dynamic impulse loads which might be caused by explosions or blasts © 
ee such method of investigation may be useful as an auxiliary step. 
_ The methods proposed by the authors and by the writer in this fiscassion, 
are valid for hard grade steel if appropriate stresses are indicated within * 
the same strain-limitation as shown in Fig. 1. The strain-limitations for ad 
concrete arent affectet 
__ Experimental data showing static load-deflection curves for representative | 
beams with different percentages of intermediate grade and hard grade steel Ve 


: ee have recently been published by Mavis and Stewart. (2) Hard grade steel does 


- not show the characteristic yield as do structural grade and intermediate — 

- grade steels. Fora given steel strain in an otherwise identical beam (within r 
_ the 4 or 5 per cent practical maximum as beam reinforcement) appreciably — 
A less hard grade steel will be required than either structural grade of inter- a 
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For beams statically loaded, these facts have been borne out both by experi- on 

‘ment and by analysis similar to that proposed in the paper and this discus- 

i | F.T. Mavis and J. J. Stewart, “ Further Tests of Dynamically Loaded a 

mn = = Beams,” Journal American Concrete Institute, Vol. 30, No. 11,p 1216, FF 
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IVAN M. M. ‘NELIDOV,! lp, F. ASCE. —The subject | presented by | the author de- 

am more attention than it was given in the past, consequently, the ap-- 

_ pearance of such an article is quite welcome. Consider a diaphragm shown q 

on Fig. 6. It could be regarded as a horizontal pitched beam supported at the 7 
end walls. This beam is without ~ peer of cross section and as such will © 

= point called “shear center”(1) such that the load passing thru it will _ 

not cause any twisting of the beam. For this diaphragm this point is located 7 
at the e ridge. The load, in our case, is applied at the eave, — at twist | sa HO 


* 4 post in tension. At the truss next to wall the twisting moment will be 


=8.x 14.42 = = 115.5"k and reactions R, = 2.31 k. At end walls 
a will be T = 10.X 14.42 = 144.2°k. and reactions Ry = 2.87 k. a 
ever, these twisting moments and reactions would be true if the 


"were unsupported by the e side walls. Ifa diaphragm is supported with the side 
pol and reactions acting on the first truss from the center of the span of the 
diaphragm will be T = 57.7°k. and R, = 1.15k.; the same forces acting on the 4 

‘ truss next to ) the end wall v will be T = (2-1) 57. ‘7 k. and Ry = (2- 1)1.15 = 1.15k; 

a the end wall we will have T = (2. 5-2. 57. 7 = 28.8"k. and Ry = (2.5-2. ww 

In general, any truss subject to horizontal action | of the diaphragm and lo- 
‘cated between the center line of span of the same and the end wall, has to be — 
verified for nailing of the diaphragm to the truss in the three following ways: E 


= .288 k/ft. Now that we have trusses spaced " 20. ft., “the twisting mo- i 


+ the lateral stress on nails due 1 to the bending stresses in the diaphragm which 
, exist no matter whether we neglect them and transfer them to the chords or 
not; the lateral auenane on nails due to direct shear acting on the diaphragm | 


‘ment acting on the truss. Thess can n be ‘computed with the usual formulas of. 
‘When a diaphragm is curved, with the radius R, then the shear center is 
at a distance “e” above the crown of the curve. ‘Thus, 


terms of central angie are > tabulated in Table 1. 
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|e = .O56R and with H = es 
- -190R; then T = .190PR and X = -190P. 
Central unit be computed by the 


VQ | where = tR2 - 


usual formula 
1/2A) and I = tR3(1/2A -sin 1/2 ACos 1/2 A),t 
~ being the thickness of the diaphragm and @ the angle 


from the crown of the curve to the point desired. bos 
Ine computing the compressive stresses in double 
_ po a _ diagonal sheathing, as per Fig. 8a, the radius of the 
100 1s laid o on 45° angle to the axis of the roof 


107tan 1/2 A = 60° , Ry = = 1.87R. The 
assumption that the shearing stresses are uniform 
may be applied for cantilever shear walls and panels. 
=~ roof diaphragms acting as a beam, the shearing re 
stresses would from but this effect 
It also commonly assumed 


uniformly loaded hinged- end o ora fixed- end ‘beam. would be very ‘seldom 
_that the roof diaphragm will be non-uniformly loaded: but whether the ends — 


of it should be considered hinged or fixed, this may enter the picture, , be- 7 “é 


cause the chord stress is ordinarily computed on the basis of hinged-end 
- moment at the center of the span. The angle of rotation of the endofthe _ 
- beam un under the action of a moment M caused by tt the uniformly distributed wl 


3) where = wL ———— the angle of twist of the 


and G are moduli of elasticity respectively in 


and hi is the height of the end wall, I is the moment of inertia 


-s, we obtain M=- the first multiplier r of this expression is s fixed- -end 


moment; the “GIL second factor will be equal to unity for fixed end 


po 
“anda smaller than unity restrained end wall. efore M = CiMf, Mt 


= .4E,1=J and L= -100.", w 


=1., or h = 40." , Therefore, for the end walls of our — 


‘building lower than 40.’ can be as ‘Giving fixed-end supports 


“for the roof diaphragm. 
RE 


for st Stress and strain, R. J. Roark, Ed. 
. Statically Indetermined Structures, L. C. Maugh, Ed. 1946, 
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; - officer of the Timber Engineering Company. The advantages and limitations 
of that company’s products are well described on the basis of the vast ex- 
_-periences ofthe author inthis field. 
In other fields, however, the author’s experiences may be somewhat — 
limited as appears from this adhesives will undoubtedly 
replace many mechanical connections. . .” in 1 the field of wood construction. — 
ie limitations of the u use e of adhesives are sO stringent that they may be | con- 


“ded structural joints limits the use of glue in nonlaminated structures be- 
cause of the size of the secondary stresses resulting from such - joint rigidity. 

In contrast, most mechanical joints allow movements and adjustments, thus, — 7 
reduce secondary stresses to a safe minimum without causing ¢ excessive joint 

Subject to discussion may also be the statement that *. «+ the common w wire 
“nail. has remained virtually unchanged for i a half- -century or more, not 


pron. nails by the public,  incloding whole industries, has been so out- 

_ standing that today these industries demand the use of improved nails and re- _ 
ject the application of their products with common wire nails. These demands 

_by these industries found the backing of the Federal Housing Administration —_ ; 
which agrees with the need for the use of improved nails in all these cases. a 
Thus, for instance, most of the wood strip flooring is to be fastened with — 
“helically threaded nails; all asbestos siding is fastened with threaded nails = 

of one type of another; almost all U.S.-made pallets are assembled with 7 
a nails, in replacement of common wire nails, fluted nails, and wood 
screws as are used still at this time in some of the European countries where 
threaded nails of U.S. standard are not available. Entirely new wood as- “ae ) 
semblies have been made possible asa result of the > availability of these im- 
"proved threaded nails (see “Better Utilization of Wood Through Assembly with | Z 
— Fasteners,” ” V.P.I. Wood Research Bulletin No. 38). 


and omitted from consideration by the author. 
4 a. Proc. Papel Paper 1913, January, 1959, by Ralph H. enn a 
1. Earle B. Norris Prof. of Vii 
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r statement reads that . . in the case of both nails and bolts. 
‘me rely a change in metal would provide a stronger fastenings. . .. but there — 
- - has not been sufficient demand to bring about a change.” This is correct sofar 
_as the low-carbon-steel common wire nail is ‘concerned, which will always 
i be made of soft steel, being the common nail. On the other hand, the demand 
a for stronger and stiffer nails has been such that high-carbon- steel nails and, 
especially hardened high-carbon-steel nails are standard items of 
ture today. They have been used for the assembly of wood structures _ 
particularly, of nailed trussed rafters which were designed for the use of J 
these improved helically threaded nails. In the case of U.S.-made hardwood ~ 
_ pallets, they are assembled with bright or hardened high-carbon steel nails, 
_ just to mention one industrial product completely relying ontheiruse. 
_ Aluminum, bronze, brass, stainless steel, Monel, and other metal- -alloy nails 
have been in mass production and are used to great advantage as fastenings — 
7 =a In connection with the statement «, _. + no change (in connectors) has oc- | 
” reference is ‘made tot the Rox timber connector introduced 
uccessfully in the Scandinavian countries by Professor Andersen of Norway’ s 
7 - Polytechnic Institute (review of December 31, 1958, by Stern). | a 4 
7 | is also ironic that less detailed design "and test data are available on 
"nails. . than on the much newer timber connectors. ” This statement is led 
rect if basic information gathered in Europe is not given consideration by U.S. 
engineers. Truly, nailed construction, such as nailed framing, has been taken 
- for ramiat and given little consideration in U.S. research laboratories, while 
_ in Europe, such as in Karlsruhe, the reputation of a laboratory may be based 
_ on their research on nailed structures and assemblies. 
_ The note is encouraging that “. . . so-called annular -grooved and threaded 
- nail shanks, and hardened nails may be the answer” to certain problems in _ 
fastening. “As the matter stands, they have already been proven to provide _ 
solution to problems because of their performance and 
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_ While timber connectors, ots as those manufactured for and iii 
) by the Timber Engineering Company, allow the erection of large timber struc- . 
4 tures, nails will always remain the backbone for jointing wood in the field of a 
small and medium-size structures, (Fig. 1) as are represented by the majori- 
ty of residential, light industrial, and light farm structures. These structures — 
result in “probably ten times the volume of lumber used” than in heavy — 
in the United States, to the author’ s statement. 
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Discussion by J. J. |. Polivka 


J. POLIVKA,! M. ASCE.. —The co contribution to the solution rigid frames» 
by the column analogy is of special interest to the discussor because his _ 
methods of “ellipse of elasticity” originated many years ago has several ~ 
common p: principles and applications as can be verified by his publications of 
papers, books and discussions. (1) The term “column analogy” can be mis- 
leading to the students of structural design since this method is basically 
| used to determine bending moments of statically indeterminate frame struc- _ 
tures and usually the term “column” expresses structural members in which i 
compression prevails. The authors state that the rigorous proof of this 
method is usually ¢ given only when the basic determinate structure acts as a a - 
cantilever, and their paper proves that the method can be also appliedto 
hinged rigid frames and even to fixed frames under the assumption that the 
statically determinate single- -span type has the characteristics of a freely 
supported beam. This procedure is clearly evident from the discussor’s i ; 
method as will be shown in the example selected by the autliors for illustra-  __ 
tion oftheir analytical method. 


The discussor’ s method is much more simple and logical and — 


of Civil Enginsering should be taught with greater 
logic, in a way similar to that presented e.g. in the recent Torroja’s book - 2 

_ Referring to rigid frames it is easy to understand, as demonstrated in be 
‘Fig. 1, that the type fi fixed at the supports A and B subjected to any loading 
—(P) can be : analyzed under the ‘assumption that the restraining support B is 
_ removed. The redundant reaction Rp is — found under the conditions 9 
the elastic rotation of the section B, 9% On, 

placement, Ap; 


any type of frame with constant or variable cross- -sections, expressed by _ 


_ length 0 of any y structural member or ofa part of it is constant. If I and E of 


correctness of the authors’ original the simplest example 
Shown i in Figs. icandl dis employed. Theoretically | a a straight fi fixed beam 


ON THE SOLUTION OF RIGID FRAMES BY THE COLUMN ANALOGY 
all ¥ 
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_ can ni considered as a single-span rigid frame of which the supporting re- | 
"straining columns have elastic weights equal to zero, ber e. the lengths of the 
- columns vanish or the moments of inertia are infinite. Statically determinate 

types: are either a cantilever (Fig. 1c) or freely supported beam (Fig. 14d). — 


For numerical proofs, assume P = 1k, span L = 12 ft, a = 9 ft, b = 3 . and ol 
EI - - The axis the ellipse is 


— 


, 
= 
22 4 
= 


be. 


/ 


(G=L= = 12. The =. 

tion op concentrated at the is Op = 9x 9/2 = 81/2. "The 
_ tion of the reaction Rp re results from | the relationship dp = i2 > Sp= 122/12; = 
= 4, and its value Rp = G 5p = = 81/2: (12x: 4) = 21/32 
“the restraining moments are: Ma, = My = Rp (L/2 + dp) = = 9/16 kft, and an 


“The : same values result if the determinate is assumed 


“2297/2, d=it sy = 12ft., Ra = = 2/2: x 12 3/32 k, the re- 
bending me moments are: =- 3/32 x 6 =- 9/16 and Mg 
ge 
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Fig. 


 single-span rigid frames were included in the discussor’ 's lectures and 
classes as given to structural engineers and graduate students at the Uni- 
versity of California in Berkeley and Stanford University.(3) “ar san a 
Mathematical derivations of the authors’ paper refer to a more compli- 
7 _ cated single- span frame under three concentrated loads. General theoretical 
"results are correct. Readers are always interested in following the applica-_ 
tion of a new theory by numerical examples, and the discussor suggested to 
authors the use of the presented procedure | to a frame having specific 
_ dimensions as shown in Fig. 6 and Fig. 2, for greater simplicity the following Dp 
assumptions | are made: EI = 1 for all ‘members and - Pg = k. 
4 authors were so kind and checked the results by a very common method of 2 : 
moment distribution, which is more complicated because the additional ef- a 


fect of sidesway is considered. ‘procedures of both methods are 


Ly = = 16. 16; Lo > 21.21" to 
of the basic structure (hinged supports at A and |B): 
My = 144 Mc = Mg = 15.79, Ms - 
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( a) 39.5] - 


84 


( 6 


(Ce) 89, 89.6 


= 90115 = (554.2) (6.02) = (33860 
3336 = 1438; A.=16.16421.84421. 
I, 767 + 3179 - 2147 79 


Indeterminate mom moments: 


Io 1259/1072 = = 0.1174 , Ion xy/Tox = 1269/1799 = 0 


13.5 |10.5| 294.8| 229.3 805 | 3980| 66 | 2415| 230] 3095 

B » DB 3.15] 6.0 668.1| 127.3] 398 | 21150] 398 

| 962.9] 356.6} 1281 | 25180 7e7|3179|- 47| 7106} 
| 

— 
— 
— 


eptember, 


Introducing Moy = Mox = = me - y 
and the eccentricities ex, ey parallel to X- and Y- - axes in the sections 


a,b, c,de and f, as shown in Table 1b, the final equation results, in which 


y, are the respective coordinates of the sections A,B, Cc 


69.21 10724 (1259) (0. 6908) (1269)(0.1174) 


= = 9.360 - 0.06075 x, + 0.8419 yo 


| Final bending moments are calculated in n Table 2 


9.36 - 1,38 - 6 = 41.65 65 -1.65— 
9.36 - 0.81 =411.42| 8.72-.2.70 
9.36 0,47 + 6. 250 =+15.19 13. 22 « 


pert end moments referred to horizontal Projection: 


444, Mca - 0.888, Mcp = 939, ‘Mpc = -2.204, Mop - 2.222, 
Mgp =-1111. Relative stiffnesses are: : Kac= = 1/16. 16 = 0. 0619, Kc = = 
1/2184 = = 0.0458, Kpp = = (1/21. 21= = 1/21. 21 10.0471. D Distribution factors at 

¢: Dca = 0.575, Dep = 0.425; at D: DDA = 0. 493, D Dpp = 

moments neglecting sidesway: = 0. 177, Mc = - -2.130, Mp = = -2.444, 
a Mpg = -1.002. The calculation of: corrections due to the sidesway is more aif; 
fl ficult because the structural members have different inclination and the sup- 
a ports A and Bare not ona horizontal line. - Elastic sidesway consists of thre 

components proportional to the angle of inclination: 8742 = /0. 


9/0. being sine of the respective angle, 
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Aj = the moments for sidesway are: 


= +) 73. 6, 3 -60.1, Mp + 56. 


sidesway factor i is - 0. / 33. 34 = 0.008248, , and the it 
final moments: are: = + 0.177 + 0.7 716 = =+0. 893, Mc = 130 - 0.607 
Mp = -2.444+0.496 = -1.948, Mp=-1.002-0.464--1.466 
_ The accuracy of every more complicated structure should be checked on | 
the basis of results obtained. In this particular case the most accurate and aa 
simple checking is the condition that the total elastic rotation computed for for 
all three ‘members from the support A to the support B ‘must be equal “a a 
zero, since the frame is completely fixed at these supports. _ Expressing the — 


elastic rotations ae moment areas divided by EI, the following results are _ 


(a) Column analogy: values positive values 


18 85x 8. 08 = 14. 4.088 1.333 x 8.08 = 10.771 


4.67 x 10.92 = = 50. 996 5.143 xX10.92 = 56.161_ 


3.6 = x 605, = 38.390 38. 8.390 605 = 


104.334 


= 


‘Moment dist 


1.844x 8. OTT = 14 14.89 


4.685 10. 92 51. 160 


263° 
+102.247, 


Readers certainly \ will be interested to compare these results with Les 
obtained by the discussor’s method demonstrated in Figs. 2to 7. Bothpro- _ 
cedures have been used, considering the principles of cantilever and freely m 
supported frame. . The methods have already been explained in the first part 

of this discussion, so that only the resulting moments in both applications are 
given, and compared with the authors’ solutions. It is not difficult to realize 
that these methods have the advantage of logical conception based upon the _ 
principle that the elastic deformation of a statically determinate structural _ 
type has to be balanced by elastic deformation of one force (reaction) cater et as 
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Smaller difference can be explained by taking into consideration more 
4 
three | 
91 


Senter, 
pone of elasticity of the frame. 7 The latter term may seem to a calomel 
However, as previously explained by simple examples, this ellipse need not s | 
be drawn, since only two semi-axes are used. Solutions are achieved in very 
ce short time, especially if graphical methods which | can always be verified by q 
al numerical ‘values are used. Important advantage of the discussor’s methods 
5 } is that a great part of the analysis can be used for any type of loading, namely 
the elastic centroid S (center of the ellipse of elasticity) and two semi-axes 
conjugate with preferably orthogonal axes X and Y properly located for greate 
simplicity. Figs. 2, 3 and 4 show raphical determination of the elastic 
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ont 


' centroid S, and of both semi-axes ix and iy by drawing only a few lines. ae Fy 


the center of elastic rotation caused byt the given loading of the cantilever 
type. Similarly the reaction H is found as the antipolar of Du when a ‘simply 
supported frame type is assumed for the solution. The reacting moments at _ 
the supports and at the corners are calculated M=Rr, eS which relation R- 


Fig. 5 presents the solution by determining the reaction Rp as antipolar of a. 
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is the : reaction (Ry or or r H), dance r the lever arm of the renttion on with ‘cian to 
xi sections. These moments are counteracting with the moments of the © 

determinate frame. most cases greater simplification is ob- 


_where the statical moment of the other component is equal to zero. 
_ shows the moment diagram of the rigid frame. These moments have same — 


"values regardless whether the principle of the cantilever or freely supported | 


structural type was used for the statically determinate type, § briefly re 


shown by the following calculations. 


‘7 _ General properties of the ellipse of elasticity 


Elastic centroid. Graphical solution (Fig. 2): with respect 
: to vertical axis x at AS and horizontal axis Y' at D. xg = 19.26, yg = 1. 48 ae 


Algebraic solution: x, = 1140.687379 : 59.209025 = 19.265432, yg= 


a 2. . Conjugate axes, . X and Y through S are determined by the points Dx and 


. 4 Semi-axes of the ellipse of elasticity. They follow the axes +X and Y. 


However, for the deter mination of the reactions for given loading, it is easier § 


‘Their 
ad da = 1 19.26 x 9. ‘31 = 179. 31, ‘conforming with with the 


algebraic 19. 265432 x 9.304404 = 179. 253336. = similar manner 
_ the projected axis axis iy is determined: i iy = 7. 1. ATT225 x x 4.048294 = 

Reaction Rp in the procedure of the cantilever type (Fig. 5) enka 


pak ©. 


ing 
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The bending moments Mr = V ry ar are to be combined with the cantilever “were 

moments shown in Fig. 3. ry is the lever arm of V ats sections A,C, D and B, ke -4 
measured between these points and points of intersection. of Rp with 
tal lines through these points, thus eliminating the action of the horizontal 
component H of the eraction Rp. In graphical solution the lever arms are _ 
measured and can be also corroborated algebraically. mo- 


=+ 0.888685, Mc = 733425, = -1. 954960 = 
Such accuracy is never required in analysis, was used only 
» to check and to prove the results of the graphical solution. - Due to so many “ 
= mathematical operations there will be always small differences in final per 
checkings, but these have no importance in structural Gosign. _ Using the We: 


ence is less than 4/100 percent: 

The type of the i rigid frame presented by the authors is rather unusual in the 

engineering practice and involves more complicated solutions. ‘The great 
simplicity of the discussor’s method can be understood if itis usedfor ia be! 
typical rectangular frames, no matter whether the structural members have , 
constant or variable cross ‘sections (moments of inertia or elastic om, ts “ 
If the frame has geometric and elastic symmetry, the X- and Y-axes and 
perpendicylar. The centroid and both semi-axes can be found in a few - “ha 
minutes. The horizontal reaction H for any type of loading of the member ; 
CD passes through the antipole Dy of the line CD, -and-for the constant mo a 
‘ment of inertia ae the columns- it is the lower third-point. If the ree is 


effect of sidesway. Using the same principle, oy reaction of any loading on 
the column AC passes through the fixed point Dy, which is th 
of the reaction is calculated by R. 
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“DISCUSSION 
concentrated at S and r the respective lever arm. 
‘The same procedure can be used for frames with 
- obviously, for any shape of frames and arches.\ 


du Beton Arme”), Revue de Beton Arme, Brussels, No. 9 and 10, 1920; i 
_ “Continuous Arches on Elastic Supports,” in German, Der Brueckeabau, 7 
No. 4, 5, and 6, 1920; “Triangular Frames w with Cantilever Beam,” in ‘dl 
_ German, ‘Beton u. Eisen, 1917; “Graphical Analysis of Rectangular Fixed | 
Frames on Basis of the Ellipse of Elasticity,” in German, Armierter: 
Beton, No. 9 and 10, 1917; “Determination of Fixed Points relating to 
Elastic Supports of Structures,” French, Bulletia tin ‘Tochnique de la Suisse 


1916, P. p. 245; « “Graphical Analysis of a a Closed 
“3 4 


Discussions in the following papers in Transactions ‘of the yon 

of Civil Engineers: No. 2130, 1942, 176- -181; No. 2152, 1942, 
1030-1033; No. 2224, 1944, pp. 967- 968; No. 2249, 1945, pp. 940- 943; 

No. 2260, » 1945, pp. 1415; No. 2268, 1946, 161- 162; No. 2408, 


-Polivka, 416 pp. 205 ill. , University of California Press, Berkeley and 
| Cambridge University, 1958. an 


- Polivka’s s methods are thoroughly discussed in ‘in the new book (in prepara- 


‘ tion for printing) “Simplified Analysis of Frame, Arch, Shell and Other 


Space Structures,” authors J. J. Polivka, Milos Polivka and Jan Polivka. - 
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STABILITY CONSIDERATIONS IN THE DESIGN OF STE STEEL 
‘Charles arles Massonnet,1 Member, IABSE 


This paper is is one one of the group of papers which were the bases for oral a J 


presentations at the Joint ASCE-IABSE Meeting, New York, October 1958. — 
The entire group, including those ‘published in CIVIL L ENGINEERING, will be 
reprinted in one volume. 


Two wo problems in the field of Stability are considered. = © cuaiiead ; 

The first problem ¢ deals with the b behavior and design of | steel columns sub- 

jected to thrust and unequal end moments and is discussed in detail in this ail 

a paper. A relatively simple interaction formula is proposed for the maximum —t 

values of forces and moments. The formula simultaneously | takes into ac- _ 


‘count the e danger of plastic collapse by bending and that of pure buckling by Pa. aN 
torsion-bending. It gives safety with respect to the results of theory and those 
of tests conducted in the United States and Belgium. ee 

_ The second problem deals with the behavior and design of plate elements 5 
liable to buckling and is introduced herein. It will be prerenene in oem. ina 


steel structures, two are e especially ‘emphasized. 
_ The most important trend in steel structures made of rolled | profiles has 
“been to take full advantage of the plasticity of the ‘steel, especially in 
Note: Discussion open until February % , 1960. Separate discussions should be submitt- 
i ed for the individual papers in this symposium. To extend the closing date i 
- month, a written request must be filed with the Executive Secretary, ASCE. Paper 
_ 2163 is part of the copyrighted Journal of the Structural Division , Proceedings of 


Society of Engineers, Vol. 85, No. ST 7, September, 1959, 
and Mechanics v. of Li 
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= indeterminate such structures the Jon load is 


considered to be that which transforms a structure or a part of it intoa — of 

mechanism with one degree of freedom after a certain number of of “plastic — 
hinges” have been developed in the members. 
os . Many objections have been raised concerning the use of the plastic design 


= 
& 


method. Among these objections are (1) the lowering of the plastic moment 
due to the normal or shear force, (2) the possibility of fatigue or | brittle that 
failure, (3) the possibility of incremental collapse or shakedown, (4) excessive pa 
- deformations in the collapse stage, and (5) local or general instabilities which si | 

7 may occur before plastic hinges are formed. The dangers involved ur under _ ye 

items (1) and (2) may be eliminated by suitable restrictions as to the | permis- 
sible values of the —, by a good shaping of of the con- 


- nections, and by a good welding technology. . Concerning item (3), the author § 
believes that the possibility of incremental collapse should be studied for each s ‘ 


‘particular project. _ He further believes that the danger of the various types of @ On | 


oe made from linear elements are very ‘far from giving structures and 
- minimum weight. _ The trend to emerge structures of minimum weight comes 


possible pound of weight is a basic requirement. a2 

FF. R. Shanley was the first to propose general principles insuring 7 4 
_ eptimam design of a definite structure. These principles were communicated | 


7" Professor Shanley to the writer in a private letter and are as ss 


ok Reduce the number of load - carrying members to a minimum Bs 


2. Require each member to as many different structural on 


- Utilize the same basic str structure throughout, 


mum value of the structural index. 
= striking example of these principles is given in Fig. 1, in which ee 


cross- -section of one of the latest German bridges over the "Rhine river 
Dh shown. _ The bridge floor is composed of a steel plate reinforced by maaete 
a - nal box stiffeners. The stiffened plate is itself supported by crossbeams. _ 
zs 4 Observe that the steel plate simultaneously performs five different tenatindin: 
_ It serves as (a) the rolling surface for vehicles, (b) the upper flange for gee 
4 longitudinal ribs (c) the upper flange of the crossbeams, (d) as part of the 


_ compression flange of the main girder, and (e) as wind bracing. . Of course, a 


_ However, the greater cost per pound of weight is at at times c offset by the saving 
in total weight, particularly in long-span bridges. AL 
_ Adherence to the principles given above often results in the use of plate © 
elements for structural members. In the design of such elements, stability — 
_ considerations are of prime importance. Therefore, a second paper by ae. 


author will deal with the design of plate elements liable to buckling. 
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method can receive general acceptance. With this in mind, the general prob- 
lem of buckling of columns will be discussed ow 
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In metal construction, members are used which are subjected 


® simultaneously t to compression and lateral forces. A very important case is - 


that of a column loaded eccentrically or design rules for such 


which § 


rmis- § 


> con- 
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each 
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Plane Buckling - ‘Elastic Solutions 


on s 

eccentric by the known secant which has been extended 
by YOUNG(2) to cover the more general case of oblique loading. In the case . 
of transverse loading, convenient formulas may be obtained by expanding the 
bending moment due to the transverse forces in the form of a Fourier series 


; and retaining only the first term of the expansion. 3 4) In this way, one > ob- 


sion and lateral load an of the type 
ad 


where P. cr is the Eulerian critical load on the column and a is a ‘numerical | : 


= an first difficulty in the above arises from the fact that the problem is non- 


linear; that is, the transverse deflections of the column increase at a faster 
rate than the load. This difficulty is partially removed by considering the 
collapse stage of the column and multiplying beforehand the transverse geda 
‘At this stage, the cross section of the column i is defined dead 9 ™ Steg ae 
ax Ac 


‘This procedure has two defects: if | the transverse forces that 


which is nothing else than the expression for pure compression — 10 squi'e © 


effects of such deformations as they modi- 

golutions ior e elastic Denavior Oi columns may be found in any treatise 
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In this expression, the danger of buckling ered at all. Thereiore, 
_§ Eq. 3 is not correct in the extreme case y factor becomes 


‘To avoid the first difficulty just indicated, account is usually taken of the a 
that ‘no column is perfectly straight. “Initial imperfections are always 
4 


present and contribute to the buckling phenomenon of a column. The above io 

_ theory can be adjusted by taking into account an estimate of the | upper limit ‘of &. 

: - imperfection | which : industrial columns may have. This method has been 
ay _ used by various authors, including PERRY, TIMOSHENKO, (5) YOUNG(2) and 

_ WASTLUND. pales The PERRY- ROBERTSON formula forms the basis of the © 


The latter analysis includes not only Eulerian buckling in a plane but wr the . 
_ buckling of of latticed bars, the lateral bu buckling, and buckling by torsion-bending = 
_-However, this type of solution has a serious deficiency because no no allow- : 
» has been made for the plastic reserve strength which metal columns — | 
‘ ‘usually ba have. plastic reserve varies much from case to 


d depends essentially on three factors: a) the v value. of the ratio. ig 


(2) the the shape of the cross section, and (3) the nature of the metal. _ Concerning : 
‘these: items the following can be said: ‘at ee 


aa _ The reserve of plastic strength is is almost ze zero o for the case of pure | 


buckling = 0) and tends, as Mmax/P increases, towards the value 
i is associated with pure bending. _ The latter value is represented 


vee 


2. Everything el else being equal, the reserve of plastic s ass is —" 
i for an! section that is bent in the plane of the web, but is. considerable 
(reaching a value of 50%) for angles, tees, and rectangular sections; 


- Finally everything e else being equal, the reserve of plastic strength is 


Pox _ much higher for an aluminum alloy than it is for ‘mild steel. (The a 
‘stress- strain diagram for an aluminum have a flat ‘por- 


There remains no other alternative than to take hy Wi plastic sme of 


and was later developed by CHWALLA(11) and by WESTERGAARD and 
OSGOOD. (12) These investigators based their considerations on the actual 


- the metal into account. i Such a procedure was initiated by von mn KARMAN(10) 


e plicated for office use and besides do not take into account the influence of 
shape hg the cross section, except with much difficulty. 


m: ——— important contribution to the theory of buckling was made in 1937 by 


JAGER. (13) He developed expressions for the load 


a discontinuous when the eccentricity reaches zero. Secondly, this procedure 
— does not take into account the plastic redistribution of bending stresses inthe> 
— 
a 
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= gr ») curve with a flat top differing markedly from the actual behavior a 
_ columns (See the full line in Fig. 3). _ However, this defect may be eliminated 
. by introducing an unavoidable imperfection of the bar as explained in the pre- 
ceding discussion. (See the dashed line in Fig. 3). JAGERS’ theory istoo _ 

J com for practical use, but may be used as a basis of comparison for 


case with JAGERS 


_— or both ends, an interesting solution has been presented by BIJLAARD, | 
FISHER and WINTER. (14) They introduced some approximations into the 
_ buckling shape and obtained in a simple way a satisfactory valu value of the oe 
‘The ca case of single- -bay H columns, which is fundamental in portal frames, 
has been analyzed recently by GALAMBOS and KETTER in an unpublished © 
- report.(15) These authors give convenient charts for the design of ‘columns 
pinned at both ends or restrained at one one end and pinned at the other. They | 
_have even included in their calculations the effect of rolling residual stresses. 
Es Ss Several American and foreign specifications for | the design of columns ar are 


based o on the linear interaction formula 


where Po is the critical load of centric buckling and Mo = = Soyp is 


“lapse moment for simple bending. formula has been recently 
: with the results of experiments undertaken mainly in the United States {14,1 _ 


epresents nts the Eul Euler oad f for ¢ 


_ It is very simple to justify the necessity ‘of the correction ew 


Indeed, if e is the initial eccentricity of the compression force, this. eccen- y 
tricity increases owing to the elastic deformation of the bar subjected to the 
eccentric load P and i is practically equal, in the middle cross section, oiit 


| 
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in the simple formulas insur to 
= American research and specifications 
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loaded columns. It was recommended by all the research workers that the 
_ second term of the linear formula (Eq. 6) be corrected and that the more se . 
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Torsion Buckling; Elastic Range 
‘The me methods summarized in the preceeding paragraph are e applicable to 
‘problems as of plane. where the occurs in the plane of | 


» 
The possibility of a pure torsional buckling of a column 
| recognized by WAGNER(18) in 1929. _ KAPPUS has shown in 1937(19) that the ‘—_ 
| buckling of a column by torsion - bending is the normal case for a column — ‘3 
that is loaded eccentrically. The theory was furthermore improved “aa ? 
GOODIER, TIMOSHENKO, and VLASOV. AY very ‘good presentation of the 
whole problem has been given in 1945 by ‘TIMOSHENKO.(20) A particular — if 
case of this type of buckling is the lateral buckling of bent beams. _ The latter | 
case was first studied by PRANDTL and MICHELL in 1899 and was further 
studied in detail by TIMOSHENKO(5) and others. In fact, buckling by torsion- 
bending i is the most general mode of instability which a straight member may a 
present. The general mode contains, as particular cases, the Eulerian ew I d 
_ buckling by bending alone, the buckling by pure torsion and the lateral Buck- : 
- ‘ling. a Up to now, the theory of this phenomenon has only been developed ak 
an elastic behavior of the member and yields v very complicated formulas. — 


(14, 16 au | produce them here; however, it is very important that the reader should have 
a clear physical picture of the cause of the torsional effects and should evalu- 
_ ate their order of magnitude. The writer will establish two basic principles, ae 

Which may serve as guidesinthis respect. 
‘First recall that the indifferent equilibrium of a buckled member subjected 
to a compression force P is characterized by the energy criterion _ ed 


where | Ww-=P 6 is is the external work | of the compression force during buckling ‘ 
(Fig. 4), and Vi is the a increase in n strain energy of the | bar. 2 _ The i 


writer, they are too ‘complicated for office use. There is no to 


For Eulerian buckling by alone, V and 6 have definite 


therefore Por is determined. | With this in mind, the two principles will be 


buckling). “Consider a thin strip of steel that is stretched uniformly in the | 
elastic range. a Then consider the : same e strip to be twisted by a torsional 


the — of the fibers with respect to the ‘ate i.e. 


— 
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where = ist the unit angle of torsion. A fiber of cross-sectional 
» dA and at a distance of r from the centroid contributes a resisting torsional — 


or sin y gy 


kad 
See Fig. | at case, the total torsional couple is _ 


"where represents the > polar moment bot inertia of the cross with 


The torsional rigidity of strip is by ‘on is equal to 


torsional moment divided by @. The above result then : indicates that, ifa 7 
_ member is pulled axially, its torsional rigidity is increased by the haseacnaalll in 


Se Inversely, if the member is compressed axially, its torsional rigidity 
diminishes. if stresses are taken to be positive, the 


This | phenomenon was discovered by WAGNER in . 1929 and : is called ae 


_ Now, if the torsional rigidity is very small in comparison to to as in ina 
thin-walled 1 member having a cruciform section, a small compression will l be 


sufficient to diminish H considerably and to make the member very suscepti- 

ble to torsional deformations. Therefore, such a member is in danger of _ 

buckling by helicoidal torsion around its axis (Fig. 6). Observe that in this 

deformation the chord of the fibers will shorten so that the external forces — 

= ‘permaee an appreciable work W, whereas the strain energy of the bar hs 

ven 


dz is small and the WAGNER effect. 
“easily that the critical at oad, tor a condition of free warping at the 


where Cy is the warping rigidity o the A its cross sectional area, 
and 8 is a coefficient measuring the degree of restraint against rotation at 


we ends (8 = 1) for pinned ends, and 0.5 for built- in ends). aie 
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which gives the buckling load for only. “now that a 
- torsional deformation is superimposed to the flexural deformation. If the — 
torsional rigidity Cy of the member is small, it is still reduced by the ae 
WAGNER effect and the strain energy of torsion is small. The increase in the 
strain energy AV of the member may be therefore more than compensated oo. 
by the additional shortening Ad of the member due to the additional torsional ; 
deformation. Consequently, the critical load for torsion-bending may be ap- a | 
preciably lower than the Eulerian critical load. 
Now consider as in Fig. 7 an axially cc compressed member which has thin 
walls and an open cross section. cross- -section has ashear centerO 
| which does not coincide with the center of gravity G (see Fig. 8 for further © 

- details pertaining to Fig. 7). In this case, the shear center differs from ~ 
of application of the axial force. 


metry, which shall be taken as the y axis. For example, consider a channel 1 

_ member that is hinged at both ends. It will be shown by simple | physical 

reasoning that the of member must involve torsional 


ig 


as 
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2 Assume si eatin as did EULER, that the member takes an infinitesi- 
mal bending deflection in plane Gx of its web as shown in Fig. 7. Statics re- 
quires that the internal bending moments of the member must balance the 
external moments Px. Now consider, as in Fig. 8 a length dz of the member 
_and observe that the forces od A acting on the deformed fibers of the mem-. 
ber have an horizontal component which maintains the member curved despite 
_ the moments which tend to straighten the member due to the elasticity of the 
- material. _ The resultant (q dz) of all these horizontal forces is applied to the 


centroid G, as is the resultant of the compressive forces o d A. 


‘It is recalled that, in order to produce bending without torsion, the trans- 
alk forces must be applied along the shear axis 0. As this is not the case 7 
_ here, forces q d z produce elementary torsional couples q dz GO that ore 
"distributed all along the of the bar. e bar. Therefore the member deforms by 

For the case of and torsional deformations combined, it can be 
- _ shown that everything proceeds as if the member twists about an axis N that 
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is farther than | with respect to G (Fig. 8) 8). is called the 
The physical reasoning given above shows that the of the 


sional phenomenon is proportional to the distance between points G and O. i 


ures the degree of coupling that exists and torsional 
_ For the special case of a 1 symmetrical double tee profile, GO = 0 and dthere | 
is no ‘coupling between the two modes of deformation. Consequently, a c a cen- = 
trically loaded I bar will buckle by Eulerian bending or by pure torsion de- ae 
pending on which of th these two phenomena is associated with the the lowest -eritical = 
Members presenting a plane of symmetry and compressed eccentricall in 
‘loaded. 


‘If, now, , the member is loaded eccentrically, the centroid G is replaced by — 


‘point B where the compression force is applied. This clearly shows that the — 
relative importance of the torsion will depend on the magnitude of distance | 


ie where O is the shear center. It is then seen that for a bar loaded at O, 
, along its torsional axis, the coupling of bending-torsion does not exist. 
‘The member may, either, buckle by pure torsion and helicoidal twisting _ 
-around axis O or by Eulerian bending in a plane perpendicular to its plane of 
"symmetry. ‘The | buckling mode which will occur will evidently correspond 


For the special case of a couble tee dissymetrical profile, for which the | 
shear center is close to the wide flange (Fig. 9), an eccentric loading por A es 
between O and G will only produce small torsional deformations. ——— 
if the eccentricity is applied on the side of G opposite to O, the torsional de- 
formations will be large and the loss of strength with respect to the Euler 
LE Members presenting a plane of symmetry and obliquely compressed in _—— 
om As indicated in a preceding section, the oblique loading is an important — ” 
case and must be ‘Studied in detail. . The line of action of resultant P acting 


of the problem was made by the author in 
1947, using the RAYLEIGH-RITZ method.(21) _ Based on this study, it was pro- 
posed to replace the actual trapezoidal diagram of bending moments bya 
rectangular diagram of constant and whose value 
is given by the approximate formula 
j 


ih particular, this gives the values: 
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- SALVADORI(22) on the basis of extensive numerical calculations. ly by ; 

SALVADOR?’ s main results are summarized as follows: The critical 
_ combination of thrust P and largest e1 end moment nt My, which buck-_ 


by a acting ng together, is is of the general form: 


‘However, if one Por tt the of Pp for M= =0 ‘and M° Mj. the 


critical value of ‘My for P = 0, Eq. “may be given the | form: 


To simplify the 


“a 


2 


a 


“Then, Eq. 1 Eq. 186 | takes form 


Ih the cartesian system (m, ‘the curve jo joins the pc (1, 
“and 0,1) (Fig. 11). Such a curve is called an interaction curve. The shape of 
interaction curve, on three. indep endent parameters, which shall 


as ratio of end 


A geometrical parameter, which measures the in of the 
_ warping of the cross-section on the to torsional deformation. This para-— 


meter may be written: . 


the 

Wen 


3. A mechanical parameter which measures s the 2 relative importance of the the 


% _ WAGNER eff effect. t. Indeed, it has been s shown that, if fa thin- ‘walled —- 


- ber with | open cross ‘section is is ‘compressed, its apparent torsional SC 


= 
— 
— 
be 
Qs 
iho, ) r ere C is the torsional rigidity of the ee — 


“rigidity diminishes f a value of valid the unstressed member, 


of 


“= ing g the relative influence of — effect may be | taken a n as -_ - 


critical load for torsional buckling. . Therefore, the parameter measur- 


a elastically restrained against bending at both ends, the 


ritical load for centric loading is given 1 by the EULER formula: - pte 


- whose BL is the buckling length. For t torsional Racking, the critical load is 


given previously; Namely, 


— 
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aac Por y and Pp by the above values into Eq. 23, one obtains 


Now, the interest in ‘in the calculations of SALVADORI arises 


the shape of the interaction curves is practical y independent of of the 


Parameter defined above, C 


i The influence of the defines the WAGNER effect is 


‘simply to multiply the abscissae My Mice by the value v1-yP 
where y is given by Eq. 26. 
i" _ For these conditions and for a complete solution of the problem, it is only 
“necessary to know the of the interaction curves | to dif- 


fie 
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| 
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"corresponding to y =O for r = 1; + 0, 55 0, - - 0, 5; and in full lines those cor- 

- responding to y = 1 for r=1; + 0, 55 0; -0. 5. It is recalled that the maximum 
_ reduction in the torsional rigidity ‘due to the Wagner effect occurs for y = 1. 3 
- Probably the most ‘interesting result obtained from SALVADORI’s calculations 
& the discovery that for the latter value of ys the interaction curve is practi- 


utilize Eq. 27, the vanes | of and Mier must be known. It has been 


cr 
‘shown that ‘is given by Eq. 4 4. Concerning Mi crs SALV ADORI shows by 


7 extensive calculations that the following expression can be — for “=t 
gas? 
oid a 
where B = E ly is the transverse flexural rigidity of the profile and u isa a ~ 


non-dimensional coefficient that is a function of r only, i.e., +" takes into ac- . 


count the shape of the trapezoidal bending moment diagram. ~~ 
sie The values of » = f(r) proposed by SALVADORI are given in the second 
of table The third line of this table gives the ‘corresponding 
sl de eee from the formula 1 for the | he equivalent ‘moment 


‘The theory of torsion- buckling on which calculations 
are based, is approximate, in the sense that it does not take into account the 


elastic deformation of the axis of the bar in its plane of symmetry prior to 


the case where end moments are equal (r =+1), it has been shown 


influence of bending deformations in the plane of may | be 


Vee where 2 Pet = =a E vit ‘is the the critical Euler load for buckling in . the plane c of 


external moments. In the sa way, m in the interaction formula 27) is 
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a) Now, the influence of deformations in the etene of external moments | a 
diminishes as r approaches (-1). Thus, this influence can be empirically 
taken into account with sufficient accuracy | by & in by 


p(r+1) PS 
‘The: essential result of SALVADORI’s study and the writer’s computations 
; is ‘summarized as follows: A safe combination of thrust and bending moment 


| producing elastic buckling is by using the inter- 


} which does not contain the term — is unsafe and that only the introduction — 
of this term gives a good correlation with the experimental results. This 
may be seen by inspecting Fig. 13. The above considerations may also be 
visualized in a cartesian diagram. For example, consider an I bar subjected aa 
to eccentric loading in in the plane of the web. For the phenomenon | of ee 
¥ — in the plane of the web, it se found that the critical mean stress 


- = depends on the slenderness r: rae’ as shown by cw: curve (1) in Fig. 14. 
‘ulations On the other hand, the phenomenon of pure | eulerian buckling by bending n nor- 


int the 
or to | ber is represented by dashed line (3), which is everywhere below the combina- 
et tion of AB plus BC. In other words, it is unsafe to consider buckling inthe 
two principal planes as independent phenomena. On the contrary, there is a i: 
strong interaction between the two phenomena. 
strong in the case of short members for which the two modes of eesianaienl oc 
in the plastic range. This will =) a the next paragraph. 4 


_ As indicated, the preceeding theories 1s of buckling by torsion- -bending are 
all confined to the elastic range. To extend these theories into the e plastic — 


F. CAMPUS and the writer conducted a large 


racti-— ae 
— 
— \ 
s by — 
These theoretical findings are supported by the experiments of HILL and 
CLARK.(23) The latter authors observed that a linear interaction formulaci § 
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buckling tests on mild steel columns of rolled I section.(24) — researches eo 


were financially supported by the C.E.C.M. (Belgian Commission for | the | a call 


_ A total of 92 rolled members of mild steel (A37) were tested. ‘Included 7 


were members with wide flanges (DIE 10 = 4"" square and DIE 20 - 8"* square ae 
profiles) and members with narrow flanges (PN 22 S- x ‘profile. Each 
member was loaded by an oblique compression force whose line of action was 


ae 


in the plane of the web and had ond eccentricities ies Tee e2- - The following ‘a 


values of the parameters were chosen (Fig. 15): ‘ 


the ratio of the end eccentricities: 1; 


b) the slenderness ratio for for buckling in the plane nor to the 


L 40, 60, 80 100, 130, 
c) the ratio of the eee Sy. to the core radius; — 


a. The mechanical properties of the steel were thoroughly studied by — . 


of tension and compression tests. For these tests, numerous specimens — 
were cut from the various zones of the three profiles. Measurements i 7 
made and showed an appreciable variation in n the yield point of the steel Bhi 


were carefully measured and it was found that, in each of the three profiles, 
large compressive stresses occured at the tips of the Manges. A residual — ; 
stress of 18,5 Ksi was obtained in the case of profile DIE 20. _ It should be © 
observed that these residual stresses appreciably reduce the resistance of 
the members bad 8 to buckling lateral 
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Int the actual buckling tests, oil (Fig. 16) 0 of the type 
devised by TEMPLIN(25) w were used. . These bearings provide a quasi- parted 
simple support in the plane of the web as well as in the plane normal to the 
web. Direct measurements demonstrated that the eccentricity e = M/P in- 
duced by the friction of these bearings remained less than 0,1 mm for any 

- ~ compression load between 0 and 300 tons. The entire test arrangement oe 

shown in Figs. 17 and 18. The great majority of the 92 columns failed a as 
follows: "After a certain amount of plastic deformation by bending and com- 

a. pression in the plane of a web, each column buckled normally to its web by $ 

_ bending and torsion (Fig. 17 Only a a small ‘number of of columns (exactly 11), 
collapsed by excessive plastic deformation at their ends’ (Fig. 18). This type 
of collapse occured especially for those columns with opposite end eccentrici- 


The writer that t the importance 
torsional deformations, on the buckling characteristics of columns. The 
‘fect of such deformations is to reduce greatly the critical load of a column. 
_ In addition, the tests indicate a need for great cautiousness in the use of the 
plastic design method for structures containing members. 
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ly and ly loads were agreement with the 
KAPPUS theory of buckling by torsion-bending. 


In the course of the above tests, both investigators were surprised to ob- 
serve that the torsional deformations were for the — 


is too short to examine here all the details of this generaliza- 
tion. Suffice it to state that the results of the extension were compared with 


those of experiments in 18 cases ‘and were found to be in coger ae agreement 
ee physical explanation only is given as to why the torsional effects _— : 


for short bars. ‘The isa main result of 


sume that the increased “pene arms due > to the elastic- -plastic deformations of 
the member are negligible. Ih this. case, every cross-section of the member — 


is equally plastified. For a definite the 


= 


1 
a 
nd gators were obli — 
t iged to ext — 
ype end the Wagne — 
trici- 
pres- i 


4 


tant plastic deformations, whereas the other flange is unloaded (Fig 
a7) _ Everything then proceeds as if the member was purely elastic, however, asa 
= member the c cross- -section of which has two unequal flanges o of sections tal ant 


Ae respectively (Fig. 19). It is clear that the position of the shear center 0 


= this cross- -section depends on the ratio Aj to Ae, i-e. on the degree of plastifi 

Ta a more the lower flange is plastified, the more point 0 approaches the 
at a upper flange Ae and the greater is the lever arm of the internal torsional 

- couple. This explains why the torsional deformations have in the case of 4 

; plastic buckling a particularly large reducing effect on the value of the criti- 


_ Tt has been shown by SHANLEY(26) that the collapse load of short membe 


compressed and by flexure only is given by 
Sat 


Ag 


q 
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Bhi 

B \sin 

hi 

— 


This equation may be deduced from the EULER formula tas os 


mhich is the modulus o of it it would be 
» nee 0 obtain the collapse load of a column liable to buckling by plastic torsion- 
- bending simply by multiplying the elastic critical load as given byt the 
mem 


APPUS theory by the same ratio —. This is } Chenely shown by ~ above 


onsiderations. addition, the writer has applied this to the 
jolumns that were tested at the ‘University o: of Liege and obtained values a a) 
cr that were unsafe. the 


oads ranged from 55% to 
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the design of straight eee members subjected to simultaneous pole! 

Apreliminary remark is) necessary. The tests of Professor Campus and 
the writer have shown that an obliquely compressed member may collapse 
two essentially different mechanisms: 

a . by excess of plastic deformation at one wi or, using a customary 


expression, by the formation of a “plastic tic hinge” at this “il or , 4 


In case a. there is a buckling and stress may be 
4 the classical elastic formula for combined bending and compression — 


nse 


32) 


itz & 


a advantage is t to be t taken of the plastic redistribution of stresses in bes. 


“tion law which h expresses: the effect of the direct force on the value of the 


—— 

pres 
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a of o 
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moment an I of usual This law has been 
_ discussed by many authors (see e.g. ref. 27) and a be approximated by the he 


M 


However, these formulas apply to for the 


_ flanges do not buckle prematurely in the plastic range, i. -e. for — 
whose flanges satisfy the condition 


‘count rigorously all of the complicates mechanisms which occur before -— 
during the collapse of the member. This includes the plastic deformation by — 
- bending in the plane of the web and the influence of this deformation on the _ 
bending and torsion buckling normal tothe web, 


‘It is believed that a simple design technique appropriate | to office use can 


only be found in in, either, a collection c of special « charts, or an . analytical « ex- 

_ pression which takes into account, as well as possible, all of the possible — 
modes of failure. This ‘second possibility will 1 now be explored. we 
AS has been shown in the preceding section, plastic collapse by bending of ay, 
f eccentrically loaded members as well as elastic buckling by torsion- -bending — 
i of obliquely loaded members are safely and satisfactorily represented by the 


formula is therefore roposed for ever circumstance, namel tor 
members as well as for members buckling elastically. The formula must be 


correct for the extreme of M 0. For , Eq. 40 


where Po represents | the ENGESSER- -SHANLEY load fc for ¢ centric 4c plastic buck-— 


Eq. 41b, Et is the tangent modulus of f elasticity, « defined as the | ant of the - 
strain curve of the material in compression for =Ocr, and is a 
- factor of restraint which is equal to one for the usual case of pinned ends. ‘It mn 
hes is important to note that Pp is the lower of the two buckling loads. In other 
Py must be around the weak axis. In that case, 
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4 ing in the two principal planes are different. ‘For example, simple support 
~ conditions may exist for bending in the plane. of the web (around the x axis) 
4 and a condition of built-in ends for bending around the y axis. Such conditions 
were obtained i in the buckling tests conducted at Lehigh U 
such ea, Po is the lowest of the two quantit ail 


wE, ly 


y> 


a 


formula that is proposed must also be correct for the e 


is the monet for subjected to bending. In 
‘this c case, Mp must take into account the danger of lateral buckling and the = 
actual conditions of restraint that may exist to rotation and warping of th saa 
ends. My may always be expressed 


Where: Ocy is the critical stress for lateral buckling 


where 


is a reduction a which takes. into account the danger of lateral bucklin 


one adopts for ¢; er the by DE VRIES, 


and in the elastic range 


ved 

‘here ly h, b, and t are defined in Fig. ‘Ky and are coef ficients de- 

_ pending on the grade of steel used and (Lh/bt)* represents the value of — 
_ Lh/bt for which the elastic lateral buckling stress becomes equal to the — 
proportional limit of the steel used. . For a tubular column or a column that o 


is ‘buckling, is equal to 1 and Eq. 43 simply b becomes 
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the term (a- - — ) which appears in the formula 


| 


2 latter term was discussed in a section. 
a It has been shown that the proposed formula has theoretical and _— 
7 mental support for members buckling | elastically by torsion- bending and for 
-members eccentrically loaded and failing by plastic bending. It will now be 
‘shown that this formula | is reasonably accurate and insures } safety i in the 
cases of plastic collapse by bending of obliquely loaded —- and of f plas 
_ tic buckling by torsion-bending of the same columns. — 
Comparison with charts of GALAMBOS and KETTER 
reference (15), GALAMBOS and KETTER ‘give a of cartesian 


which e enable the Sects to find the maximum um value e of M when the thrust P 
is given or vice-versa. Two of these charts are reproduced in Figs. 21 and 
. They apply respectively to the loading cases sketched on the | correspond- 
ing figures, i.e. Case | c, constant eccentricity due to a thrust plus two equal 
end moments; Case d, linearly varying eccentricity due to a thrust plusa 
¢ moment at the upper end. The charts were computed by a laborious method — 


a ne mn. The | 


stresses. These were computed for an W F 31 and the authors 
_ state that the use of these curves for other sizes should give conservative _ 
a predictions for ‘strength. _ ‘The calculations were made for a steel having a 


yield point of o. yp = 33 ksi. . For steels of different yield strength, o*, the 
values of the sSlenderness ratios L/r should be multiplied by the ry: 

It will be shown that good agreement exists between the 

_ GALAMBOS and KETTER and the results of the interaction formula wane 
a. by Professor Campus and the writer. In this comparison, the charts yeaued 

take into account the effect of residual stresses are used as being the most 


frealistic.” ’ In the study by Galambos and Ketter hey phenomenon of lateral 


"take the corresponding reduction factor a to be equal to unity and ‘replace 
Megu. in Eq- 40 by M for case (c) and | by M V0,3 = 0,548 boas for ¢ case - + 


this way, the following | expressions : are obtained: 
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Ww F section 
Strong axis 
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"For values of 000 yp = = 33 ks we obtain 


8970 


"Bq. 56D 56D is only applicable if the value obtained for Mis less than that 
- given by Eqs. 39a and 39b. The latter equations correspond to the case of _— 


member having a plastic hinge formed at the end of the member. “, Te : 


_ Curves representing Eqs. 56a and 56b are drawn in dashed 1. lines in in Fig. 31 ; 

and 22. ctudy of these disgrams yields the followings 
~~ 1. For columns eccentrically , loaded (case c), the interaction f formula is 

an safer than the theory of GALAMBOS and KETTER. ‘The differ- 


ence is very y small and the general { trend is very much the same. ., _ 
ke For columns obliquely loaded (case d), the interaction formula is safer — a 

i the theory of GALAMBOS and KETTER for ‘small values of the 


ratio MM. . For large values of this ratio, however, the reverse is true 


and the interaction formula | slightly c overestimates the of the 


column. This is a result of the 


for both phenomena, i. by in the of applied 
moments and buckling by torsion-bending normal to this plane. ie 

as two different expressions should be used to cover these | cases, but at aa 
the expense of simplicity of the interaction formula. In the opinion of ~ 


the author, | these is no need to introduce | 7: a | complication. . 


_ It has already been said that, of a total of 92 columns that 1 were tested, 81 
"failed by plastic to torsion- ~bending buckling. Let and Megu. the experi- 
mental —_— of tl the thrust and the equivalent | bending moment at collapse. a 
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are computed and plotted : as in ‘Fig. 23 a cloud of experimental points is ob- 
_ tained. On the other hand, the interaction formula is represented in the same 


acct 
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‘This line conne connects pt points" A (p 0) and B (p = ais m = 
Jt should be observed that the proposed formula is safe if a great ee ie i 
of the 81 experimental points falls above line A B and is satisfactory if the 

experimental points are not scattered too far away from this line. Fig. 23 _ 7 
shows that Eq. 40 including the ? value of Mequiv given t by Eq. 17 insures s 


safety, as o only 17 points are on the unsafe side and most of them by a a small =," 
margin. On the other hand, the grouping of the experimental points about line — 
AB is acceptable but not excellent. In any case, , the correlation between the 


results of the Liege experiments and Eq. 40 is better than with any other 


‘te spenuinaaiaa of buckling by plastic torsion-bending should be considered. | 
relatively simple interaction formula has been proposed for determining 
values of forces and moments. The formula, Eq. 40, simultaneously takes into H 
account the danger of collapse by and that of 
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“ANALYSIS OF CURVED GIRDERS 


ABSTRACT 
Derivations of influence are presented for torsional 
ments and shears on curved girders. The solutions include simple and con- 
tinuous spans. Diagrams and Tables are given showing the 


values of with moments of f inertia. 


This paper presents the of lines for bending and tor- 
sional moments and shears on horizontally curved girders. Solutions are _ 
given for simple and continuous spans. - Diagrams are supplied showing the By 


characteristic values of curved girders with constant moments of inertia. 4 7 


The effects of variable moments of inertia and also of th the e elasticity of the 


statics have been discussed by several authors(1 
and various methods of analysis. are known for loads in predetermined posi- 
tions, as are commonly found in building construction. 
It is the purpose of this paper to derive expressions for influence lines for 
simple and continuous spans. ‘methods employed are the conventional 
methods of one-dimensional structural analysis. Thereby the theory is | re 
limited to structural | members the length of which is great as compared with 
their other dimensions. The analytical significance of this is that the bound- m 
| ary conditions are ) Say satisfied caly ¥ with respect to an ideal centreline. The 


Note: “Discussion open until February 1, 1960. To extend the « closing date one month, a 
written request must be filed with the Executive Stcretary, ASCE. Paper 2164is — 

a part of the copyrighted Journal of the Structural Division, Proceedings of the Amer- 
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same limitation however e: in ‘the case of the girder for whic 
-dimensional analysis has has been n fully accepted as giving satisfactor 
In hie : connection the term “influence area” used hereafter needs to “7 
qualified. In the strict sense of the word an influence area may be thought of 
as being the deformed surface of a two-dimensional structural member, e.g. 
$ a monolithic slab, under a specific load. However, owing to the simplifying 
= sco agate of the one-dimensional method, the influence areas referred to 
- hereafter are surfaces such as would be formed for instance by an infinite 7 
pce of cross beams, rigidly attached to a girder, if this girder were sub- 
todeflections androtations.§ | 
it is considered beyond the scope of this paper to deal with the stress _ 
analysis due to rotation or combined rotation and mead se 


ana Analysis of Curved Girders _ 
_A. Simple Span Curved Girders_ 


The | Statically Determinate Primary mary System 

For a curved girder to be stable and statically determinate there must a 

exist a torsional restraint at one end. Such a system is shown in Fig. 1 and 

m shall be referred to in the following as the primary system se. oe ay ~—s 

.... practice a a ‘simple span will have torsional restraints at both ends and — 

. For the 


_ The following sign convention and terminology shall be adhered to — 


Vertical loads and reactions are positive if acting downward. Shears a are 
positive if acting downward on the left end of an element. . Bending moments | ; 
7 are positive if creating tension in the bottom fibre. a moments are é. 
: positive, if facing the end of a section, they turn clockwise. Vertical forces 

in their positive direction will be represented in plan be circles. Bending and 

torsional moments will be represented by moment vectors such that looking 

in the direction of the arrow the positive moment turns clockwise. a 

The term deflection shall mean vertical displacements which if plotted a ; 


along the girder constitute deflections shall be positive 


The term rotation ‘shall mean the about the Longil 
tudinal girder axis , which if plotted along the girder constitute the rotation 4 
diagram. Rotations shall be positive if the top flange of the girder rotates 


b. Fig * | shows a general case of loading and the positive direction of the r e- 
actions. _ The external load P" at the distance e from the girder centreline | 
can be replaced by the load P a and the torsional 1 moment T, = Pe as shown 


= 
sy in dotted lines. The eccentricity e shall be positive if on the concave side of 


Pa ost the girder. Since it is desired to obtain expressions for influence lines, only 


unit load P* a will be considered. = The effects 
Pp = 
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analysis iS indeterminate system the forces and displacements on the 
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between them band symbols of the effects of P= 1 will be denoted by a straight 
arrow thus 


thus ¥ . To indicate the effects of external loading on the primary system 
their symbols will be given the subscript ~ To indicate the effects of the 


redundant force upon the primary system their symbols ) will be given the 
Finally the load application | or the points at which 
are calculated will be denoted by w and w", the point for which an influen 


ce 
§ line is determined will be denoted by 3 and > 


First consider the equilibrium of the primary system under the action - 

} a vertical force on the girder centreline as per Fig. 2 - By taking moments 

R sin w+ An R sing 


hence 
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‘By taking moments chet: tangent to the girder in B: 


With the reactions known the sili ‘tie equations f for F any point ee are: F 


1 for 0 
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sinw sin 8 


sin w _ sin w 
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R RQ- cos ¢ 


(1 = cos g ) 


_ By taking moments about the axis B C: 


moment as per Fig. 


sing 


e for 


e for 


| 
al 7. 
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(2) y taking moments about the tangent of the girder in B: 
With the the influen — 
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which substituting ‘equations (6b) and (7) and replacing w" by ¥ 


for torsional mo moments 


which after substituting equations (6b). and id (7) and by 
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a unit bending moment applied at the end A only (Figure 4). The effects of sont 
this loading will be of interest in connection with the analysis of continuous 
curved aiaaed of Part B. By taking moments about B C: ih 


The bending at any y point 


— 
— 

The shear at any pointe: — — 
— 
q 
The torsional moment at any point@: 


By taking: moments about B C: 


= O 


_ = constant 
The bending moment at any point? 


e torsional moment at any point L3 
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= Ay R (1 = ) - sing rot 
Finally it will be necessary to obtain exp Ta =X1=1. (Figures 
| 
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- _ The analysis of the indeterminate system is based on the condition | that no 
rotation can take place at the point of action of the redundant force. 
6 is the girder rotation at the point of action of Xj due toa unit 
P= 


1 at w and is the girder rotation at the same due to = 1 


= 


‘By’ the fi value 


“lw + © 6 


third in above expression is 


R 


ih equation (2 1) the 61,, le stand for 
w. Since it is desired here to derive influence lines rather than specific a: 


w Will be by in a n accordance with Maxwell’s theorem. 


i shear 
— 
a 
( 
rof external moments. Ife 
With Xj known the effects of external I 
canbegiven no 
aa virtual work : 11 can be found by application of the princi — 
lication of the principle of 
a 
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63 41 iS the function giving rotations of the girder due to to Xy =] 
evaluate the 6,,1-line co consider an element ds. as in Figure 
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"point w to deflect — = 


“Disregarding for the present the boundary condition 


cos(w 


In a to satisfy the : above boundary condition the girder is rotated about 


the the axis BC through an a an ange of d the ap- 
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rotation diagram i. the 6 


wi 4 line i is arrived at by integrating the ro- 


\% ‘tations of the elements 2 as given a equation (24) and adding the rotational - ¢ 
cot . It will be noted that the 

. Thereby the 
wi" 
- rotation diagram assumes the form of a an extension to the bending diagram 


that the sum of both represents the bending area. 


ae 
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Now substituting equations (23), (27) 2 and (28) in (21) 


he, 
n of (22) : 


Aj X, which with equations (12 


25) 
26) 
mes 
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sin 
Equations (20) to to (33) actually re represent as contain the 
‘The moment and shear distribution due to a unit end bending ‘moment as- 


the continuous curved girder. 
i 3 now 6 lw is the end rotation caused by th ies @ specific aie ML - ~ 1 then. 


by equation and by the the principle of virtual work 
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«= The problem of the preceding section shall now be modified by assuming — 
the torsional restraints to be elastic instead of tt will also” be 


be defined by the rotation of the support due ~— a unit torsional moment. 
this rotation is denoted by # ‘9 then it wi will be ‘convenient to ae. nei 


th — 
a 
| fluence on the equilibrium of the 
eee supports has no ith elastic restraints <i eS 
primary system, i.e. the (1) to (18) remain valid. 


de 


the line is the sum of the e girder deflections a as given 
- equation (27) and he deflections caused by the rotation of support B. — 


the boundary condition = = 0 for w= ,t the positive rotation 


“hg oth order to > satisfy the above | boundary condition the sete is rotated about 


- the ay axis B C so that the deflection ¢ of each point: caused by the positive rota- 


: ¥. Similarly the hal -line is the sum of the girder rotations as given by poi 
equation (24) the r _— of the support | Ba and the rotational component of the 


sinw 


A Now by (2 1) 


Further by application of (22) and 


4 rotation 611 now is the sum of the girder rotation as given by 
equation (23) and the rotations of the supports Aand Bas givenby = 
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Bending moments (with M,- = 


sin w sin (R - 
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cos (Ree) + 


sinwW cos (R- » for 9 <W 


B. Continuous Carved mint 

‘By virtue of Maxwell’s theorem any influence ‘ie: may be hina as the 
bending line due to a specific loading. If for instance a hinge is introduced at 
the support n of the continuous girder shown in Figure 8 and the two ends 


meeting there are rotated so that an angle & ae is subtended by y their tangents 


then the ordinates of the De My = line divided by are the o ordi- 
of the influence line for ~ 
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— Inor order to find the bendling line of the continuous curved girder a new — 


_ primary system is adopted. This new primary system consists of a series 
“ of simple curved girders. "Each simple span is in itself an indeterminate _ 
4s system but its statical properties are known from the — ee out in 


bonding line eis area) of span r due to M = 1 at its left end 


al 
at the point of of M 


e of span 
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v4 
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Assuming f for the ‘present that | Yr are the mo- 


- ments at the supports Mrn caused by th the introduction of fs... at support n 
can be calculated by m means of the three-moment- -equation. If then these mo 
_ ments are applied to the primary system as external loads the resulting ~ 
_ bending 1 lines of the individual spans (Figure 10) are identical with the de- 
sired bending line of the continuous girder of er 8. 5 


‘If further the functions y : and yr are known then the eatin line of any 
individual span r 


a — (49) substituted in equation (48) furnishes st solution | for the 
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ublished then any effect within this given the superposition 
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_ For all relevant loading conditions the effects on on the pr primary system i.e. 

the simple span are known from sectionA2. 
bea ‘For greater ease of reference the equations are repeated | here and at the 7 
same time the symbols are given such new subscripts as to indicate their | 
proper relation to the new primary system. 


The effects Ero caused by external unit loads 
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It will now to derive expressions for y r? and 


tions and also the ‘simple ‘symbol » y ‘shall take the | place of yL. he 4 

As before the bending area is, composed of the diagram y and 

-times the rotation diagram 
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To evaluate the bending diagram ofa simple span r + ae to a aid bending 


moment at its left end i.e. the y-line consider an element ds as in Figure 11 


slope of the element ei: is 
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ing the boundary y = 0 for w =? this integral becomes 
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rotation | diagram i.e. is arrived at by ‘the rota-_ 
tions of the elements ds as by equation (51b) and rotational 


ich upon inte integration b ‘becomes 


— 
374) 
ia 
38d) 
va 
Pa 
ing 
— 
4 
(51a) 
= 


> 


WwW 


~~ Because — symmetry the bending area of a ‘simple span r due to a we 


bending moment at its end is similar but opposite hand. 


* magnitude of the angle in introduced ata ‘hypothetical hinge as 
described in section B 1 can be chosen arbitrarily without affecting ‘the final : 


‘results. It will be convenient to make Snn = - 1/El. The moments vat the 


_ Supports due to this deformation are from. the three- moment- 
G equation which is written below in the form of a determinant. The value of a 
_ _ determinant remains unchanged if all its coefficients are multiplied by the | 
_ Same factor. , The coefficients below have been multiplied by EI in order to 


obtain more convenient numerical values 
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CURVED GIRDERS 
A continuous expression for Xp, extending over all the spans r, 1< r< 
m, cannot be given. However, for each individual span r, X, canbe ex- 


pressed as a function of the moments at the adjacent supports. If the end — a 
moments of ‘span r to the a are 1)n and M rn then the 


—_— 


R 


7 _ Influence : areas other than for bending moments at the supports are de- 
rived from the latter ones directly by superposition. Only X,_ 1 and id Xp 


contribute to a desired effect in span by equation 


The shear at any point / 


The bending moment at any in span 


ini. 


(63a) 


The to torsional moment at any point ? $ in span oY 


> A 4 
— 
juation (€1) applied Successively to all spans ylelas tne complete influ- q 
9a 
— 
— 
— 
fae sinw sing’, =e)+(cose_ 
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is > 


will be of interest to compare the m maximum bending moments of the the 


On the curved girder a concentrated load on centreline causes the maxi- 


sing 
The correspon nding moment for the Straight girder is 


lotted in Figures 13 for 


‘moment 


+The corresponding moment for t straight is 


is plotted in Figure 13 for varying values of 
 #s Figure 13 shows the increase of maximum bending m diamante. due te 

_ curvature is so small that it will be sufficiently accurate to calculate the — 


bending moments — the equivalent straight beam and multiply the results” I 


& 

— 2 sin y/2 (1- cos g/2) 

dott 

stra 


"i 


Limit for 


a The e greatest | torsional moments occur > at the ‘supports. ‘The influence lines 
‘for these moments are in shape comparable to the influence lines for the end 
moments of a straight girder with fixed ends. In —* the T/R-line for 
= P= 30° is plotted to scale. 


The solid line in | Figure 14 which has its 


represents the case of rigid torsional restraints. — 
ie In the case of elastic restraints the term U k / (ean) of equations s (43) to a q f 

(47) appears as a correction to the influence line for rigid restraints. The al 
“dotted line in Figure 14 shows the T/R-line for elastic restraints if k/ (142k) g 
/ = 0.5 which obviously is the mathematical limit if the elasticity of the re- __ 


"straints becomes infinite. In practice this be reached since with 


— 
4 
q 
a 


= © the T/R-line becomes symmetrj cal. Furthermore the e corrective | func- 
tion U is assymmetrical and hence f Uwd =0. This means that for uniform 
> loading over r the full span the elasticity of the restraints has n no o influence on 


2 


it will be safe without being wasteful to neglect the elasticity of the restraints 
a in all practical cases, especially as itis extremely difficult to assess cor- _ 


oil The above discussion has been based on the assumption that the loads act 
on centreline only. The effect of eccentricity however can easily be be see OR cy 
from equations (32) and ( 


; > If for instance transverse cross sections are taken through the poner 
- a area for the bending moment at midspan the resulting influence branches be- 
- come zero if extended to the centre of curvature C.— _ (Figure 15). Obviously 
the effect of e is negligibly small if the ratio R/b is sufficiently big which is 
always the case for bridges, e.g. on a 26 ft. roadway deck with both lanes" 
- loaded - - as this is the governing loading - the centre of gravity of the load 
"4 can ¢ come off the centreline as far as e= = + 1.5". . Then by equal triangles the 


4 influence ordinates change in the transverse direction n by -: + 150/R ‘- = 


me moment at B is shown in a similar manner in Figure 16. Here the influence 
4 branches |! if extended to the centre of curvature become and as 


the case of rigid restraints gives only slightly higher torsional moments 


rectly the magnitude of this elasticity which is partly due to the elastic yield- | 


tors: 
span 
safe 
end 
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f 
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CURVED GIRDERS 


| ‘The continuous girder has been under the assumption of rigid 
‘torsional restraints only. Judging from the results obtained for the simple _ 
= it would appear that this 3 assumption involves: only a small error on n the 
safe side in cases where some degree of elasticity does exist. 

In order to solve the three-moment-equation for the continuous girder the 

end slopes of the simple girder have to be known. . For constant I and J the cae 
_ end slopes have been calculated and plotted as functions of ¥ in Figure 17. In - q 
_ connection with this diagram it may be noted that equations (55) and (56) na ; 
inaccurate results fo for ‘small angles A because the 1 results appear in the a 

of differences of large numbers. B, ‘For this reason equations (55) and (56) have Pe 


a. 
j 
Gg 
j 
— 


Now foras of equivalent length L = the end slopes are 


In order to iaiaeaaieain _—e the influence of the curvature on the mag- 
nitude of the end slopes the results obtained from equations sepeoices and wn 
are represented in the following 


= 

| 

| 


CURVED GIRL 

to the end slopes the -function has been calculated re constant 

Pe. J. The notation of equation (59b) has been used and ay 


Le? 


where 


Since the @-function forms the basic element of the influence area a for 
bending moments it will not surprise that again the influence of the eccentrici- 


ty is negligibly small. Under no: normal circumstances therefore a (59b) | 
may be rewritten : 


+ -v.) ea 


Figures 18 and 


06555, 06644 


0.06410 


— 
j= 
The constants ay and | 
Wl wan we 9202853 | 0.02663 0.02880 0.02903 | 0.02934 0.02973 
| | 0.04824 | 0. are — 
0.5] 0.5] 0.06260 | 0 
Gee 0.06289 | 0.06340 19 
05609 | 0.05637 | 0.05684 | 0.05750 0.05837 | 
05205 | 0.03222 0.03251 | 0.03291 | 0.03344 | 0.03411] 
0.01653 | 0.01662 | 0.01677 | 0.01698 | o.0i7es — 
| 0.01698 | 0.01725 | 0.01760] 


A 
0.02877 if if 


0.05618] 0.05643 | 0. all the 
—- _ sideri 


integr 
gestec 


factor 


It may be noted that for pe 0 is given t tables 
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The 


are obtained m and n. n. 


- nection with bridge structures but is not unusual in building construction. i. 
oan ‘Supposing the influence line for the bending moment at the left support is — 
desired then moment- “equation takes the following form : 


to bending as well as torsion. ‘This condition will hardly ever arise in at 


| 


20 | 25° | | 
4 0.02857| 0.02865 .04880| 0.04917 | ‘then th 
— 0.05954| 0.05967 
— | 0.7 -0 
— 
— 
0.8 | 0.2 | 0.03205, 
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 tfitis required to i to investigate the fixed girder for o one load condition only 


the complete functions in the above equation can be replaced by the 


@-ordinates at the point of load application. = = = 


4. with Variable Moments of Inertia 
In the case of simple span curved girders only the variations of the p polar 

sesame of inertia J enter the analysis. ‘The integrals of equations (23), (26) 

(28) can be evaluated numerically or graphically. 

In the case of continuous spans the amount of work involved in evaluating = 
all the integrals numerically or graphically is considerable. However, con- 
er: that the bending moments are relatively little affected by the curva- 


ture of the girder (see Section C 1) and further that in the evaluation of the 
integrals for 8, y and @ the torsional moments and stiffnesses make only 
relatively small contributions , the following approximate procedure is sug- - if 
- To calculate the end slopes equations (55c) and (56c) may be used if the 

factors 1/3 and 1/6 respectively are replaced by the end slopes of an equiva- 
: lent straight girder with variable moment of inertia. _ These end ng — a 
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‘tables for but must then be increased by the the ratio Stay + 
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Closure by J. M. Biggs 


J. 


A. BIGGS,! M. ASCE.—The Committee on Wind Forces wishes to » ex- ts 
press its appreciation for the many discussions of Papers No. 1707-1712 i 
which together formed a preliminary committee report. These discussions 
contained significant contributions to the general fund of knowledge ieaeeeien ‘ 
wind effects on structures. They will be helpful to the Committee in 
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of » Massachusetts Inst. Technology, ‘Cambridge, 


WIND FORCES ON STRUCTURES: INTRODUCTION AND HISTORY* 
— 
19 
At 

a. Proc. Paper 1707, July, 1958, by J. M. Biggs. 
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A. E.—The discussion of this paper by Mr. Vitel 
- Bertero presents a significant contribution to its value by the comments made 


Mr. Bertero is entirely correct in questioning the | use of simplified - —— 
equations for the analysis of tall towers. The author regrets that he did not 
succeed in clarifying his position that the simplified techniques presented 7 
—_ for the preliminary design of guyed towers and that a more exact aan 
"cedure should be used for analysis. The author agrees with Mr. Bertero that 
Soe in Geometry of the guys do have an important effect and must be in- a - 
cluded for tall tower as far as the final analysis is concerned. In order to 
a illustrate the influence of the error by neglecting the changes in geometry -" 
the guy refer to Fig. 1 which shows the per cent error of the total horizontal | 
displacement as a function of the tower height. For towers less than 500 ft in 
height the error is less” than 4% , but as the height increases the error in- — 
A The sag correction presented by Mr. Bertero is based _— the following 
well known equation for a catenary: 


L= Chord of Length 


Pj When sag effects are included a change in the vertical 1 force | on the lis: j 
_ due to guyed tensioning will occur. _ It should be noted that the change in verti- a 

cal force resulting from sag effects is a portion of the total vertical force due — 2 

to guy tensioning, wind load, and the dead load of the tower and antenna. _ Even 


ri though a a change in vertical force might be a  aigntiicant part of the | initial guys 


factor, which must be is the eccentric ‘guy | moment t resulting 


‘DISCUSSION OF AMPLIFICATION OF STRESS AND DISPLACEMENT 
é 
| 
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Pr, , by R. S. Rowe. 
rol. and Chmn., Dept. of Civil Engr., Duke Univ., Durham, N.C. 
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Fig Chart showing the percent error in 


ef fects asa function of the “heigh ht 


fower. with nitial fa 
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[ence of lengthening or shortening one guy at a time, the changes in position of _ 


_ from the fact that the guy connection is on the tower leg and not at the centroid 
ofthe tower cross section, 
_ The author appreciates Mr. Bertero’s questioning such factors as the influ- 


the tower when adjustments in guy tension are made, and an approach to the _ 
buckling of towers by considering the portion of the tower between points of _ 

| inflection as a continuous bar on three supports with elastic center support _ 
} versus a tower section supported at the middle with points of inflection at the 
_ ends which are free to move. It is hoped that others might supply additional — 
_ evidence on some of the important questions raised in this discussion. Juan a 
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STATISTICAL A APPROACH TO WORKING STRESSES FOR LUMBER? 


1_Working stresses weed construction are derived from 
tests of small specimens, whose dimensions in several countries are only | 
2cmx2cm. The result of this fact is that the mean strengths are very high 4G 
and that they reach 750 kg/cm2 in the case of bending. To the working stress 7 
100 kg/cm2 this corresponds (apparently) to a safety factor of 7. 1.5. But the 7 
Safety of the construction as a unit is, in reality, much smaller . If the coef- ' : 


ficient of variability is 15%, the probable minimum strength al 


r Po min k = 750 - 36 = 750 - 3 x 0.15 x 750 = 412 kg/cm? 


= min K = 0.6 x 412 = 247 kg/cm2. ‘aml i> 


"According to this consideration the safety factor can ‘decrease from 7.5 to 
ie 47. ‘The influence of the dimensions of the test specimens and of wood faults 


2. at x 0.5 = 1. 


working stress can be: derived from of construction ele- 
wz The writer made tests of 60 laminated beams with an I crogg-section on 
cm high; the mean bending strength wa was 350 kg/cm2 with the standard 
: deviation 50 kg/cm2 i.e., the coefficient of variability was 14. plays proba~ 

_ ble minimum strength cz can t be determined by means of statistics as" 


eer: “min k = 350 - 36 = 350 - 3 x 50 = 200 kg/cm? 


and. and the strength is irate i 


in the case of the working stress of 100 kg/cm we get the minimum safety 


_ The laminated timber beams with a rectangular cross-section 8 cm x 14 
cm had a mean bending strength of 450 kg/c cm2 with a standard deviation of — 


50 kg/ cm2 and the coefficient of variability was 11%. The ae: minimu 


min K = 450 - - 35 = 450 - 3 x 50 = 300 kg/em? 


a. Proc. Paper 1939, February, 1959, D. Snodgrass. 
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K = 0,6 x 300 = 180 


minimum safety factor of 1.20 the working-stress is 180: ,20 = 150 


4 


kg/cm2. From tests of complete construction elements (laminated beams with | 
a rectangular cross-section) the working stress was 50% higher than for lami- 
_ From these considerations one can see that working stresses must be de- = 


termined from tests of construction elements and not a tests of very small 
specimens. 
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ASEISMIC D ESIGN OF STRUC TURES BY RIGIDITY CRITERION@ 


analysis of seismic ‘stresses for in California, a proper 
; is already given to the type of foundation material. The static force of seis- ; 


which is ; equal to 0. 02, 0. 04, and 0. 06 possi sil for 2 a 1 rock foundation, a a 


Mr. Tsui assumed the seismic damping force acting along the center of Sa 
gravity of the single mass structure. In a structure with the multiple mans S 
er this assumption obviously is a limitation of the method. 
In regard to damping forces in a bridge structure, useful conclusions may 
_ be derived from observation of the bridge failures during the recent earth- — 

_ quake shocks in California. The major seismic-force failure discovered in 
_ bridges was the shearing off of the anchor bolts at the girder | end bearing i 
plates. After the anchor bolts the damping forces in were 
In his introduction Mr. Tsui stated that the advantage of his method is that 
it could be applied in the analysis of seismic stresses in industrial buildings. — 
: It would be interesting to de.ermine which features of an industrial building 
4 are to be included in the analysis for seismic stresses. opi a Pees 


_ At present there is still limited information on seismic ¢ stresses. There- 
"fore, the ‘paper presented Mr. ‘Tsui is timely and deserves careful 


Associate Bridge Engr. » Bridge Dept. , Calif. State Highways, See, 


ii: 
A. A. EREMIN,! M. ASCE.—In this pap — 
forces are transmitted through the ground and hence vary with tl 
4 and plastic properties of the ground. However, in his analysis o 
stresses Mr. Tsui assumed that the structures are based on ground material 
4 
d 
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— 
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Discussion by J. J. Polivka 


CORRECTIONS. —On | page 110 , in the second line above Eq. (2) oibitinte 
the words “cut members” for the word “cuts.” 
Cal On page 115, in the last line of the third paragraph under the menting “The ie 


Final Maxwell Diagram as Check” change “see 3 Appendix A” to “see 2 Ap- f 
Pe On page 116, in the eighth line, change “ see Figs. Ta and Tb” to “see Figs. | ) 


On page 116, in the for the 60/20 ‘should be changed 
On page ‘in Fig. . B11, the third line should have the term added to 


_ On page 139, in the third line from the bottom, . change “Fig. we Fig. 
On page 139, in the third line from the bottom, add an asterisk after K 
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GID FRAMES WITH SWAY@ 
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Ae 


; ikl page 140, in the fifth equation in the second set of computations, change 

Inadvertently, the for Fig. 7 was not ith the paper. 
copy of this figure is reproduced herewith. 7 


“we 
POLIVKA,! lp, F. ASCE. E.—Reliable of structural analysis is is of 
great importance, especially f for the of highly indeterminate 


q 7 volved. For this reason any contribution referring to shientiiiiatien and relia- 
4 bility of the checking methods is of value to the designing engineers. Itis 
_ known that one of the most reliable checking methods refers to the control of, 
: elastic deformation of individual structural members and parts of the whole | 
_ structural skeleton, based on the principle that elastic rotation or dis- call 
placement (sway) at certain rigid connection calculated for different structur- 
al parts must be equal. To clarify this principle, the discussor first refers "t 
to the author’s example of a portal frame with side load (p. 116, Fig. Al), for — 
which, due to the structural symmetry, | the checking method of elastic defor- 8 
mations cannot be employed. This method can be used, e.g. for unsymmetri-— 
_ cal frame shown in Fig. % it Since the supports at A and D are fully restrained, 
co the resulting elastic rotations of structural members calculated from AtoD © 
- must be zero. Another type of checking is based upon the fact that the elastic 


- sway calculated separately for the joints B and D must be equal. It c can be al 


As can be seen from the author’s paper, some checking methods are very | 
‘complicated, and any improvement and simplification with increased reliability 
_ should be welcome to designing civil engineers. It should be realized that all 
_ important structures } are to be analyzed for different types of loading, and if , 
_ analytical methods are used which require long, time-consuming calculations 
& to be repeated for each type of — errors can occur and the safety factor 


ample, Fig. 2, because of geometric and elastic symmetries. 


books,* and presented in very simple form in his new book entitled 
- “Simplified Analysis of Frame, Arch, Shell and Other Space Structures”, now 
prepared for printing (2 vol.). In . connection with the author’s example of 4 
— o/s frame, analyzed on pp. 116-119 and demonstrated in 8 figures, one of 

the discussor’ s principle is shown in Figs. land 2. The author’ s analysis is" 

_ _ performed for a horizontal load 5 kips at B. It can be proved that | the very _ “a 
_ simple, and generally applicable method of the discussor can be used for any 
"type of loading of the column AB (and also of any direction). The statically a 
Ne indeterminate reaction Rp solving the problem, has to pass through the fixed 

point Dy, no matter what kind of loading on the column AB occurs. Fora 

symmetrical frame Dx is the intersection a point of the line through fhe right — 

1. Cons. Engr., Berkeley, Calif. , formerly Research Associate, Civ. Eng. : : 
Univ. of Calif., and Lecturer, Stanford Univ. 


a See publications mentioned in the discussion of the No. 1914, Vol. 
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E ‘third-pint ot —_— span BC and the center of the column DC with the X X-axis “| 
tin through the elastic centroid S, which is the center of elastic weights 
of all structural members. It has been previously explained that the elastic | 
7 weight is the reversed value of the stiffness factor: G = 1/K. Dy can be also 
determined asa center of elastic rotations | of any force through AB: 62.3 = i 
+ G3 The following calculation doesn’t need any explanation: The 
intersection point of Rp with CD is distant 30/7 from C, and because of 
eee the horizontal thrust 1 H = =5/2 kK. ‘Consequently the bending moments 
_ result: Mcp = 5/2 x 30/7 = 75/7 and Mpc = 100/7. For the frame in Fig. 1 _ 
the determining reaction Rp is the antipolar line of the rotation center on the 
cantilever column AB, , located at the lower third-point of the affected part © a 


AB! with : respect to the ellipse of elasticity of the frame. 


found, as explained in the discussor’ s 3 literature. The simplicity of of this a 
“method and the applicability for a any type. of loading, thus saving a great part 
of the analyzing work, are of special interest in the analyses of complex rigid 
* 3 frames, such as presented by the author i in his paper (pp. 119-136 with 230 
illustrations and many tables) In such cases two fixed re D and og of 


in “These points 


represent z a great part of the structural analysis, increase the : accuracy, and 

simplify the checking. For the final design, the author’s calculations would _ 
a need considerable extension and additions, since only three of eight members 


* “ assumed to be loaded, a and the influence of dead load is not considered at 


_ Some —— data of the discussor’s method are indicated in the following 


|e. 667 


es again through the point D,, and the other determining point is easy to be 


7.868] - | 13.890| | 


q 
_ these ; 
mome: 
B, 
mende 
such a 
lower 
angle | 
strain 
me! 
| 
then 
memb 
_memb 
points 
deter: 
memtk 
- 
= 
— 
5.045 | 1.692 | 4.566) 7.510/ 7.142] 8.164/15.118/15.817| | 
2.889 | | 7.s10| 4.sc6| s.060| s.ces| 0.00 | 
* | 2-826 | 5307 | 3.667 | 4.006 | 5.042 | 4.354 | | 


= 


~ 


- characteristic procedures are shortly explained in this discussion: ‘sil 


beam | AB having the elastic weight G = L/EI (assumed to be G = L for constant 
moment ¢ of inertia and E = 1 subjected to the bending moment M = 1 at the “—- 


these analyzing and checking 1 methods. = 


Table = , which may be instrumental to those c colleagues who are interested | in 


3 
_ This is not the place to go into suniitle details. Only one part of the ee 


1. Determination of fixed points. The angular rotation of a cantilever a 


as AB and FE (Fig. 3), for which 94 = = 3.043, and 65, = 7.142. The 
lower fixed points are the third-points. To find the location of the fixed point 


end B, is Op = = G/4. If the support A is hinged, then 6p = G/3. It is recom- — io. 
mended to start the _ determination of fixed points at a fully restrained a 


‘DZ of the elastically restrained beam BE, DgE = bg, we have to assume the 
angle 64 = = G/3 5 (the coefficient 3.5 approximately expressing partial 
straint of member 4 at D (average yy 4 and 3), _ The combined rotation 


of member 6 at E is calculated g : (1/0 + 1/64 = 3.626. Hence 
= Le6/3 = 5-153. angular rotation of the member 6 at B is 
‘then 05 = Ge /6 (3 = 8.591. At the joint B, angular rotation of four 
members, 1, 2, , 6 and a, are equal, and, e.g., the angular rotation of the 


member 7, gt =1: (1/6, + + 1/e + 1/66) = = 0.99. . In this way all other —_ 
points are calculated and tabulated. 
_ One of the importance significance of the fixed points is the possibility of 
determining the bending moments at the supports of any elastically restrained Vs 
member under the assumed loading, directly from the fixed-end moments, as « 
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demonstrated in Fig. 3. The fixed-« -end as by the are 
my Mcc = 78.5, and McG = - 81. 6, and were confirmed by the discussor’s calcu- > ia 
a4 lations Mgc = 78.576 and Mcg = 81.608. _ The moment area of the freely sup- 
pa beam 8 is 1601.85, considering projected ~ Lg = 20 ft., and is equal 


moments of the elastically restrained beam GC are determined either graphi- 

cally, as shown in Fig. . 3, or calculated in accordance with this graphical so “ 

- lution: Mg = 42.67 and Mc = 93.38. Vertical lines through the third-points 
¥ _ of the beam intersect the closing line of the fixed-end moments at points — 


4 the area of negative moments (78.576 + 81.608) 20/2 = 1601. 84. The end 


which, if connected with the corners G and C, determine the resulting bending | 


2. Checking of resulting moments. The elastic weight t of the beam cc is, 


as indicated in Table 1, Gg = 55.478. The total angular rotation is 6M, an 


.84 (55.478:20) = 4443.34. _ The elastic weight of the partially restrained 
beam is increased by the values gg = 14.164 and gh = 1.258, affecting the re- 
ss fad straining moments at the supports G and C, and under this consideration the © 


following value of 6x4, is obtained, which should check with 


(42.67 + 93. 38) x 56. 478 /2 = 3774.07 
42.67 x 14.164 + 93.38 x 1.258= 714.70 


of 45. 43 is approximately 1%, which is 


"checking result, taking in account a number of algebraic operations. 
= The preceding calculations refer to the frame structure without sway, in 
- compliance with the procedure of the author, as shown in the author’s Fig. Be. 
‘tee sways No. 1 and No. 2 are considered, and the final moments are re “sell 
“s corded in Fig. B19. "Additional moments can be ‘easily | determined by the dis- 
“f cussor’s method, described in his publications, as e. g. in his discussion of the 


paper No. 2262, Transact. . ASCE, , Vol. , 1529- 1533. 
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STRENGTH O1 OF RIVETS AND BOLTS IN er 


RICHARD T. DOUTY,! M. ASCE.—Professor Munse Mesars. Petersen 
and Chesson present the results of an interesting and comprehensive series _ 
of tests. It is regrettable that stripping of the nut initiated failure in some 


cases since nut requirements are likely to be tightened in order to achieve > 
the full potential of high strength bolts. 
_ The writer conducted a similar series of tests for a master’s thesis in © 
1957 (Ref. 1). It was one of the purposes of this limited research project to 
investigate whether in plastically designed structures high strength bolted qo 
connections can be used instead of welded connections. The testing ar- loge 
rangement used was similar to the authors’ (Figs. A, a). Portions of wide — " 
flange shapes were used as structural tees. These tees were fastenedtoa ‘ | 
; relatively inflexible base with high strength bolts and the load applied at the Nel % 
web so that the bolts were in tension. Hardened washers were used. The 
purpose of these tests was to study the action of fasteners in tension — 7 
subject to prying forces as in the authors’ tests. These forces occur when th allel 
rigidity of the flange is such that excessive separation at the web of the tee _ 
' contributes to failure of the fasteners (Figs. A, b). It was hoped that with — 
_ evidence developed a bolted connection could be designed to provide — 
_ rotation capacity so that it could be used in plastically designed structure 
_ The tests were similar to the authors’ except that only high strength bolts ' 
were used and just one line of these on either side of the web of the tee. al ¢g 
- distance, flange thickness, bolt size, and initial pretension were the variables 7 
a _ A theoretical investigation of the tension in the bolts was made throughout — = 4 


the elastic, plastic, and strain- hardening range ¢ of the flange. The tests were 


sis. 
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1. Graduate Asst., Cornell Univ. Ithaca, N. Graduate Asst., 


4 at 4 RY 
i 
a 

he 
| 

4 
4 
— 
— 


September, 1959 


anes 


OF 


FIG. A FORCES ACTING ON TEE FLANGE 


Theoretical Anal ysis 
Theoretical Analysis 
ial ‘It is assumed for simplicity that enter yield conditions plastic hinges _ 
at (1) the line of fasteners and (2) the setae of web to -— The effect of 


is the of net area at line of to the total -cross- 
Sectional area of 1 the The fillet is disregarded 

ta designated the prying force and exists as a compressive e contact 


force at the extremity of the distance. 


the moment of ‘the flange cross- section = 


y 


=> 

— 

— 
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FIG. BOA MOMENT CONNECTION FOR DEVELOPING 


THE PLASTIC MOMENT OF AB EAM 
is the tensile load on the web of the tec. Ppl i is the load 
plastic deformation of the flange begins to occur; this is that defor- _ 


-mation which provides plastic rotation characteristics of a con- 


nection employing such a structural tee. Such a connection can ; 
__ take the form of a tee-stub moment connection (Fig. B) ora © « | 
standard connection which for purposes of analysis: is considered dq 
be an assembly of tees (Fig. C). 
is the sum of the tensile in the various fasteners. 


statics (Fig. A): 


is the flange thickness for. providing rotation capacity 4 at 


es 
ots 


: Since these equations are valid into the strain- hardening range, by substi- 
- tuting the strain-hardening moment Mgt for Mp the total force in the fasteners 
at any load greater than Pol is found to be 


| 
— 
] 
1 
— 
ae 


* 


“a 


ASSEMBLY OF THREE ‘TEES! 


‘Similar equations are available for the elastic range if a force Py e] at the 
extreme eme edge is assumed to resist the moment at the bolt line and this moment 


since equilibrium Mweb = =k = 


_ The results of four of the tests of the tees in tension together with the test 
= are given in Figs. D to G. It can be seen that from Eqs. (1), (2), : 
> og of bolt tension versus tensile nar on the tee can be constructed. This 


yielding of the flange. 


segment is Eq. (a) gives the bolt tension when | 
flange has become fully plastic. Eq. (2) gives the segment in the strain- 
hardening range if any tensile load on the web in excess of P)) is used for Pst 
‘The upper limit of the curve is determined by the } yield strength of the bolt. q 
s The theoretical bolt tension curve is completed by erecting a vertical line at | 
the bolt pretension load to intersect the curve given by Eqs. (1), (2), and (3). 
_ The theoretical curve at bolt tension values less than this pretension loadis | 
then ignored. It should be noted that the tension in the bolts is not the tensile - 
_ load on the web divided by the number of bolts. The prying force P" con- sein 
tributes to the amount of tension in the bolts. 
i: _ Except for test T-3 the bolts were pretensioned considerably in excess | of 
the required minimum for high ‘strength bolts (Ref. 2). From Fig. G there is 
evidence that such an initial overstress — harmful effects: 


and (3) 
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AveR AcE TENSION IN IN EACH ‘BOLT - 
“1G. G ACTUAL BOLT TENSION 


ae ‘WITH COMPUTED TE TENSION - 


in that the curve of measured tension breaks from the pretension load at the 


> computed plastic load instead of continuing upward to the predicted curve as_ 
ug might be expected under the assumptions of the analysis. Since the curve of 
measured tension after break-off follows practically the same slope as the fe 
me - computed curve it is possible that this one test is not indicative of such a con- 
clusion. At most there is approximately fifteen per cent difference between | 
computed tension and measured tension in Fig.G. 


a ae in ‘Fig. Ho the separation of the flange of the tee used in test T-4 measured | 
se the computed value of Pp] gives a reasonable web tension value at which the 7 
flexibility of the flange will begin to to of 


— 
Test 
&§ Fc 
t 
of the 
bracl 
G 1 

beari 


O 


aa 


F TE 
yok 


a tested. _ The theoretical analysis of the bracket involved a consideration — 
_of the blanket flange and web as a vertical stack of tees. The analysis ofthe — 
‘bracket is not given here but is similar to that of the tees used for Figs. Dto 
G. The plastic moment capacity of such a bracket consists of the contribution an 
oof t the Pp} of each tee of the “stack” about the centroid of the Chich the 


bearing area. According to the analysis this is the moment at which the 


moment-rotation curve becomes non-linear. The load computed from the hy 
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MAXIM 
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‘COMPUTED LOAD ) AT WHICH 


‘BOLT TENSION —~ 
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analysis ¢ given in this discussion at which : rotation becomes 


‘a nest before the load is redistributed by yielding of the flange such that 0 
ia _ yielding occurs in the lower portion. ‘The latter portion is adjacent to the area 
thai that tis in 1 compressive bearing. _ This lower portion contributes so little to the 
moment capacity of the bracket however that it is probably insignificant. 

Fig. J indicates that the theoretical approachis valid. 
7 a Note that in the fabrication of this bracket the load support plate clears 
the bracket flange (Fig. J) . This should be done to allow the flange to Selioss 

freely. this particular bracket the width of the e compression bearing area 
at the plastic load was only 0.5 

Design Example of Tee-Stub Moment Connection to Develop t the Plastic fe 


en 
The t tentative theoretical approach developed in this discussion, if wuld a 
more extensive investigation, would | apply toa tee- -stub moment connection 


as shown in Fig. Be Note that the bolts maintain their 1 


a 
i ‘Ther 
 &§ 
— 


friction the | range of the flexible flange ar thus 


counted on to resist the reaction at the end of the beam. 


_ Sponds toa working load of 200 pounds per square foot with a safety real " 
two. The beam spacing is eight feet on centers. Columns are 29 feet apart. 

| The beam required is an 18 WF 50. The plastic moment is 169 kip-feet. The” 

shear at the is “The d design for the tee- stubs proceeds 

~ Given that pe flange width of the sili is nine nine inches, e will be 1.75 inches — 
ssuming a gage of 5- “1/2, inches. hes. 


as 
Sai) 
109.5 


2(109.5)2.5 
9(1. 791 )33 
ar. 

a ST WF 80 with flame cut edges. 
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Therefore try four one inch diameter bolts. Check: 


herefore use the ST18WF 80. 
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To arrive at an expression the the at 
*¢ the plastic moment the tension stub has to be considered separately from the ~ 
compression stub. flange comact § force of of the tension stub (Fig. 


plastic load is 2 therefore 


“as 
The e flange contact a of the compression stub is the sum sae the eon 


forces (Tj) plus the the or, 


‘Since rte 1= -2P pl x Ppl it can be seen that the frictional force resisting »& 
slip throughout the loading range will not drop below the frictional force pro- 
vided by the pretension | load. In fact, as strain hardening occurs with rotation — 

_ The force resisting slip as computed by Eq. (4) and using | Ri conservative | 


coefficient o: of friction of 0.25 is 93 kips. This is almost twice as much as th the 


“shear encountered in this s typical : situation. 


Re sults: and 


cal ‘These tests ‘conducted by eo show that it is possible to use a bolted 
connection to develop the plastic moment capacity of a section. The flexibility ; 
of the connection flange provides the necessary plastic rotation capacity. § 
> _ It is possible to predict the tension that will exist in the fasteners at the j 
plastic moment of the connection. Fasteners of adequate strength can then be g 
Din provided. | This bolt tension is a function of flange rigidity, edge distance, and _ 
reduced section due to fastener holes. The is not a 
‘The plastic moment of a given n connection can be computed without fear that 
failure will occur | in if fasteners are provided to resist 
2 bolted connection nites to rotate at a given moment can take several | 
forms: (1) a tee-stub moment connection (design example in this discussion), 
a) a moment bracket (rotation capacity of such a bracket as tested is given in in 
Fig. J), and (3) a standard connection of framing angles (not considered here, _ 
_ but which should fit the approach given in this discussion). Beat ae 
Up to the present time it has been assumed that a welded connection a 
-. ‘necessary y for plastically designed structures. This is a false assumption. _ 
4s All that is needed is a connection that will seovidie the necessary rotation ca-_ 
pacity ata a given bolted | connection using a flexible flange fits this 
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_Use four one inch round high strength bolts and pretension to 49 kipsas 
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Bolted connections have many advantages over welded connections. Dis- | 
a i 58 continuity of material at the connection reduces the possibility of total collapse - 
= from the formation of brittle fracture or fatigue to 


—_ pretension forces placed on them, are eeniiien capable of standing up on 
i under fatigue conditions. ‘Field erection procedures are simplified. Less a 
_ skilled labor is needed for assembling a bolted connection than a welded con- a 
nection. Shop and field tolerances can be less rigid. Finally, bolted ‘Structures — 
P al It is true that a bolted connection could be used in 1 plastically designed 7 4 
structures if purposely overdesigned to force the hinge to occur in the con- 
nected member away from the connection. In some cases this may be the a 
_ more desirable alternative. In this case the analysis given in this discussion © 
provides a means for designing the connection so that its plastic moment ca- ; 
_ pacity is equal to or larger than that of the connected member. __ aes J 


f 


ae It is hoped that this discussion will supplement the authors’ paper in n regard a 


_ to the fastener tension that exists when the fastener is omject to the prying 7 
3 The material in this discussion constitutes | part of a master’s thesis at the 
Georgia Institute of Technology carried out under the direction of Dr . F. W. 
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_ INSTALLATION AND TIGHTENING OF HIGH-STRENGTH BOLT sa 


Discussions by Alfred Zweig, Zar, and WwW. H. Munse 


x4 ALFRED ZWEIG 7 F. ASCE.—Messrs. Ball and Higgins have presented an 
_ excellent paper describing a method used for installation of high-strength _ 
bolts. writer had occasion to observe this method in connection with the 
_ erection of six thousand tons of structural steel for the National Bank Building © 
i in Detroit. The same method was used in erecting ten thousand tonsof 
‘structural steel for the 1e Plymouth Assembly Plant | in ‘St. Louis. Both buildings 
were designed with the author in responsible < charge for the structural design. ou 
In both instances, the “turn- of-the-nut” method, described inthe paper by 
‘Messrs. Ball and Higgins, proved ‘satisfactory. and economical. saved time 
: ‘compared to the | previously used methods, especially in view of the fact that - 
‘it was not necessary to caliteate daily the impact wrenches and t to check regu- 


The original doubt that insufficient air pressure might result in insufficient-_ 
ly tightened bolts was dispelled by a demonstration which was conducted prior 
to the start of the erection of the National Bank Building in Detroit. Even with — 
air pressures twenty to thirty p per r cent below the previously specified mini- aa 
mum, the bolts turned in accordance with the procedure described by _ 
‘Messrs. Ball and Higgins reached the specified tension, the only difference be- 


ing that it took longer to obtain the ‘required half or three-quarter turn. 
aa There is, however, one point which in the writer’s opinion needs re- 
-finement. Item 3 of the instructions reads: “Tighten a pattern of bolts as you 
a for riveting, being sure that the connected parts are properly fitted.” 
‘ete that Messrs. Ball and Higgins again state: “Bolts... used for fitting- _ 
purposes. . . .. are tightened means of f impact w: wrenches without regard to 
Item 6 of the thi then fitted- 
up bolt with impact wrench. _ Usually no no further torquing is is required, but some 

must be noted that while the tightening of all bolts, the 
fitting-up bolts, is designed to be as “fool- -proof” as possible, leavingno 
guess-work or “feel” to the erector, this is not the case with the fitting- up 

_ bolts. There, the instruction states that they should be tightened without re- 
gard to the amount of nut turn and, then, they should be checked. The check 

again up to the feel of the operator; if the bolt feels sufficiently tight,no 
torquing is required, ‘but some may require a quarter turn. rtare. Who is to decide — 

e a. Proc. Paper 1974, March, 1959, by E. F. Ball and J. J. Higgins.. ot 
Kahn Associated Architects & Engrs., Inc. Detroit, Mich. 
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From the foregoing, it i is apparent that the adie oft the | fitting- up bolts not 
is not as rigidly and rationally controlled as that of the other bolts. It would _ - for 
strengthen the ifa method could be devised to 


simple metho uld be devised to po: 
M. ZAR,! F. ASCE. of — problems requiring ng clarification mé 
around the fact t that bolt tension is determined by measuring torque. This is sp 
not as reliable a as ‘most _—- would like, but is the only known method for ss 
In general, it has been en shown that when the steel is drawn up 
tight and the nuts have been tightened 1/2 turn from a snug position, _ the bolts : yi 
will always be above minimum tension. It is important to recognize, however, mi 
that many experienced bolters rely on instinct and judgment, instead of follow- 
ing the half turn procedure, and this is the prime reason for requiring —* 
thorough inspection ritual. On some jobs, for instance, where the turn of the - @ — th 
nut method was supposedly used, there were no marks on the wrench chuck to au 


indicate the amount of revolution. . There is some vagueness associated with : . 
instruction No. 6 which reads “Check the tightness of each fit-up bolt with 
impact wrench”. There is some doubt as to what is meant by “check”. The 
ability to tighten the nut on the fit-up bolt is the function of the available air ‘ j 
2 pressure. It is possible for these original fit-up bolts to lose some tension _ : 
_ as the remainder of the joint is tightened. _ Of course, where fit-up bolts are a 
‘not high-strength bolts, this problem does not exist, since the fit-up bolts _ y _ 
would be replaced with a bolts as described in instruction No. 4. _ 
H. MUNSE,2 M. ASCE. variety of methods have been used in recent 
years to tighten high- strength | structural bolts. Initially torque was used to a F “ 
_ develop and also measure the clamping force in the bolts; however, itwas 
= found that the clamping force provided in a high-tensile bolt on the _ 
of torque varied considerably and was affected by a number of different = 
factors. Bt Consequently, some better means was required to produce the tension 


_ On the basis of laboratory studies(1) it has been suggested that tl the e turn-of- q 


it was suggested that one full turn of the nut from the tight 
Se be used to provide the high desired clamping force. However, the — ; 
finger-tight position is rather difficult to establish and does not provide a con- 
a sistent starting point upon which to base the number of turns. In addition, ead 


number of turns to failure from the finger-tight position has been foundto 


vary somewhat. In some instances failures have occurred at 1- 1/2 turns and 
in others at 2-1/2 to 3 turns, depending upon the rigidity of the abutments, = =— 
_ and the strength and ductility of the nuts and bolts, as well as the tightness of 9 
the joint at the time torquing was initiated. Consequently, one full turn may, pS 
in some instances, dissipate a greater percentage of the available bolt ductility 
i. What is needed is a procedure that will provide, in all cases, a clamping 
‘ force which exceeds slightly the initial yield elongation of the bolt material but 
"Associate, — & Engrs., chicas 3, 
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- for the most effective use of high strength bolts and still retain as much as- 
possible of the bolt and nut ductility. It appears that the procedure described 
_ by the authors comes close to providing such a condition. The initial “snug- a 
_ ging up” provides about 5,000 lbs. clamping force ina 3/4 in. bolt and the add- 
ed1/2 turn then provides a clamping that is at least equal to the yield strength 
: material. Even with this high tightening, the bolt, as provided under current a 
- Specifications, will still retain a great deal of its deformation capacity. a 
- The 1/2 turn method also appears to be a very simple procedure to employ _ 


in the field, another important advantage. . However, since this procedure at 


does in fact carry the clamping in the high-tensile bolts beyond the initial 
yield strength of the material, the availability of additional ductility or defor- 
“mation capacity may be questioned for those instances when the bolts must be 
retightened several times. It would appear that a repeated application of 1/2 
turn of the nut might, with a small number of repetitions, produce failure in oe 


the bolt assembly. Information concerning this problem, if available in the 4 
authors records, would add considerable value to their paper. 


- Drew, “Tightening High eaten Bolts", 


1955. 
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THE ‘PLASTIC METHOD | OF DESIGNING STEEL 


F,1 F, ASCE. method of design of steel 


| ing in our times and is comparable to the introduction of 
moment distribution in the early thirties. Papers acclaiming the various ad- 


_ the engineering bodies concerned with design | practice find it necessary to Bios, 
: make provisions in specifications for the use of this method. The author of . 
_ the present paper, probably more than anybody else, is responsible for | the de- 2 
velopment of plastic design. The p paper is particularly valuable because “a 
- large part of it is devoted to the valenaneeyoags of the method of plastic design 


- can literature. The writer welcomes this opportunity to discuss some of the p: 
P aspects of the method. ‘The paper contains only a bare outline of the plastic = 
column aie theory which is presented in detail in the author’s book. (1) 


Plastic Co hi Th and the G 1 Pl tic Theo = 

| Plastic Column Theory and the General Plastic Theory 


a plastic column theory differs sharply from the general plastic theory, 
_ a point which is not sufficiently appreciated by some of the advocates of the a. 
plastic method. In some ways the theories are even opposed in principle. 
While in the general theory the structure is so designed that its different parts 
_ are assumed to assist each other at the approach of failure, in the column ~ -~ 
theory the design is usually based on the assumption of the beams failing be- eo 
fore the columns. The method of the general theory is the application of the 
equation of statics or of virtual work to the structure after it has developed a — 
_ sufficient number of plastic hinges. This is a simple and at the same time an 


elegant method requiring very little mathematics. The plastic column design > 


_ standing by itself, loaded with definite loads, "and use is made of complicated | 
elastic formulae with allowance for plastic conditions. A large number - 
different cases which must be considered complicates the matter further. © 
In spite of this difference the plastic column theory represents a vital was 
_junct of the general plastic theory, which, without it, is valid only when a 
is no danger of buckling. _ Undoubtedly the theory is a work of high ae 
evolved with a vast amount of effort. However, its complexity coupled with 
the fact that it has been developed by a group of close associates, leads oad e 


a. Proc. Paper 2005, April, 1959, by John Fleetwood ‘tities, . 
1. Prof. of Civ. -Eng., of Univ. of British 
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pe writer proposes to take a closer look at some of its as- 
ptio 


ons and procedures and i register his nis disagreement with some of them. 


4 
‘The writer has found the presentation of the subject no means 
_ only in the Proceedings’ paper but also in the book, and not solely because of | 
7 ~ involved mathematics. The reader is puzzled when on the one hand he learns © 
; of the importance attached to the difference between the elastic and plastic — 
end loading conditions, and on the other hand he comes across a proposal to — 
assume, for no other reason than that of simplification, the | same kind of load- 
ing conditions on both ends of the column. The designer, it is stated, is free _ 4 
to choose in the design the more tractable plastic end conditions in preference ~ 
_ to the elastic. ones, yet in the example of the Cambridge Laboratory Extension 
there appears to be no such choice, and both ends in the interior columns and 
at least one end in the exterior columns are elastic by the very nature of the $ 
problem. _ Then 1 again a a recommendation is made to design the columns under | 
ExOy conditions in the same way as under P,Oy. Several loading conditions : 


adjudged intractable, which by itself is a damaging admission, but the 


reasons for this conclusion are not clearly stated, and the reader is left to his: . 
own resources intrying to divine them. = 


of the ‘commendable features of the theory is presence of numerous 
"graphs. 3. Without them the method would not have been workable. _Unfortunate- 


ly, however, the e graphs a are not self- -explanatory. ta Figs. 15.12 
and 15.19 of the book are none too accurate in view of the ‘poor angles of inter- 
of the p! line lines with the lines of ordinates. 


In the three most important column loading conditions PxOy, PyPy and 
failure is identified with the first appearance of the lower stress 
fi. This assumption simplifies considerably the plastic design reducing it to 


elastic. However, ‘simplification alone is hardly sufficient to justify the 
a Consider the case PxP in which the supposed failure is brought about by .. 
compression yield, stress in a single corner of the column section at one fe place 
i along its length. It seems certain that in this situation the column is nowhere 
‘The assumption | is more realistic when applied to the P;O, case, because 7 
aan the yield stress is present along the edge of the whole compression _ 
= flange. It should, , however, be remembered that when the Section with the 
‘plastic stress is restrained by a any 1y means, , failure is delayed. Thus, if the a 
- plastic region lies at the end of the column it scarcely affects. its stability, « as 1 
author himself admits in Section 6(a). 


‘The E,O case is treated in the same the P.O, case. ‘This 


a aaa seems unjustified because it disregards the intrinsic stability under 
= elastic column loading compared to the plastic one. Under the plastic | load-— 
- the column fails as soon as its resistance to further defor mation begins to 
Teague. while under the elastic loading its potential weakening may t be more — 
made ) by the the increased of the neighbouring 
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‘DISCUSSION 
One is also dubious about another aspect of the elastic column loading. ay 
Suppose that the end moments and the axial load in ‘the column are found and = 


_ the column section is chosen by t the author’ s formulae and graphs. Would the 


aa confirming the correctness of the design? It appears that there ino 
reason why they should, because no real attempt has been mace to bring about | 

/ an equality of the angle changes on the ends of | the column and the ends of the 
. This absence e of equalization n of angle | changes is - 


i ‘moment. carry over and for the reduction ‘of rigidity of the column on account o 4 


A of the axial load. If, with the moments computed, the angle of inclinationon 


_ the end of the column should become smaller than on the ends of the other ad 
‘members, the column would be overstressed and therefore underdesigned. 


This situation would not arise with the plastic column loading and thus a simi- 
lar treatment for E,O, and P, Oy conditions bateaah not seem justified. 


Assumptions in Derivation of we a 


The fundamental inequality, the compliance with ensures that the 
stress does not exceed the lower yield point int is 


The left hand side of this inequality represents the combination of the axial 
stress and of the flexural stresses in the column about the two axes taken by © 
themselves. The limiting stress f on the right hand side of the inequality is 
found in the graph of Fig. 15.12 of the book, and it represents the difference 
of the yield stress f;, and the bending stress caused by the axial load, on ac- — 
- count of an assumed initial curvature of the column with respect to the Y axis. 
_ The centre rise corresponding to this curvature is taken as € = 0.0015 r, ay 
For wide WF sections this ammounts approximately to e = 0. 00075 8 and for ~ 
the American standard 1 sections and the narrow WF sections, « e=0. 00051. 


y "great and small the writer does not know. He also does not know why this al- 
- lowance should be a greater fraction of length for the wider members than for 
the narrower ones, and why it should be a constant fraction of length inde- a ; 
pendent of the size of the column. Other kinds of column imperfections are 
_ apparently all covered by this allowance. _ This arbitrary column curvature af- > 
fects the design vitally. Suppose, for example, that the quantity f is found = 
13.25, i.e. 2 tons/sq. in smaller than the yield stress 15.25, then if a curvature 
twice as great is deemed appropriate the quantity f would become 2 ee ee 
15. 25 - 2(2) = 11.25 tons/sq. in., considerably smaller than 13. 25, which should 
affect the choice of the section appreciably. Thus, while admitting the ~~ 
_ reasonableness of the assumption of the curvature of the column in principle 


the writer doubts the validity of a single expression for the curvature al- 


2. When the moments on the ends of | the column are different the author re- 
duces them to the equivalent equal moments on both ends by means of the ae 
_ graph of Fig. 15.11. The column with the equal moments so found is ll . 


buckle under the same in range as the column with the 
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reduction graph may be used in order to find ‘the s stresses at the approach of 4 


yielding by the above stated Eq. (1). The writer refuses to 0 accept this as- 


- are too dissimilar to be equally subject to it: one is buckling in the elastic — Ms 
. range produced by the moments about the x axis, the other is the attainment 
of the yield stress under the action of the moments about both axes and in the 
- 3. In the case of P,O, loading in the presence of plastic hinges” at one ae 
y 
or both ends the same moment reduction graph is used again in conditions Ba - 
- even farther removed from the ones under which it was first established. ‘This 
case is particularly difficult to analyze in view of the presence of inelastic pe 
_ state in the vicinity of the plastic hinge and in order to simplify it the author M 
_ assumes linear reduction of flexural rigidity about the Y axis in the inelastic 
‘Tegion of moments between the My, and Mp lines in the graph of Fig. 9. The | 
; writer cannot understand the reason for this gradual reduction of rigidity. 
_ Although the derivation itself is not given in the author’s book and only | the 1 re- 
~ sults are presented in the form of graphs the writer is dubious of the as- car 
sumption, feeling that once the flange has become plastic its rigidity at the a 
sections involved is lost. This statement applies particularly strongly to the v4 
_ region of zero axial stress p in Fig. 9. _ ‘Here both flanges attain plastic stress 
at the same time thus incapacitating the section with regard to buckling in a 
spite of the still elastic conditions in the web. sistant 


aaa along the length of the column against its buckling about the minor 
(ais should strengthen the column considerably. The author does not discuss 
this important subject and in the example of design of the exterior column in _ 
the Cambridge Laboratory Extension he seems to to ignore this restraint com- = 
= _ One would think that a brick panel wall would create a significant Bie | 


The ia concludes that the plastic design of a multi-storey frame is at 
"present intractable unless the side sway is prevented by bracing or by walls. lis. 
_ This conclusion immediately raises several unanswered questions. How 
strong should be the bracing and especially the wall in order to serve as an © 4 

effective restrainer of side sway? Would the modern panel walls consisting © 


of a large expanse of glass meet this requirement? iterate: pol 
No panel wall or even the steel bracing would prevent completely the side 


_ on the beam-column connections. Since instability in many cases is identified . 
_ with t the first appearance of plastic stress, does this mean that even if the tt 
® side sway is restrained by panel walls it may still bring about a premainre ; 
_ failure not anticipated indesign? 
Ve The need for prevention of side sway « does not apply to one storey fra frames ~ 
- but it is not clear what should be done in the case of two or three storey sig 
structures. Should they also have to be braced in the manner of multi- storey 
oe _ frames or, , if such bracing is unnecessary, how should the side sway be ~ hee 


7 


> sway produced by the horizontal forces, thus placing | some additional stress _ iy 
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Design 

writer disagrees with the used for 
determination of the design values of the column moments. : According to the Y 


author the beam loading producing the greatest unbalanced joint moment © , 


j _ (Fig. 12) consists of the full failure load on the beam on one side of the ogee 


and of the dead load alone on the beam on the other side. _ However, , it is felt 
_ that a much greater unbalanced joint moment is produced if both beams are 


loaded with the full failure load, ‘Causing the formation of the mechanisms in in 


_ these beams, and then the live load is removed from one of them « ill 
elastic rebound. For a numerical demonstration of this point take an interior 


balanced joint ‘moment prior to distribution, according | to the author (pp. 18 


— at the first floor level in the example presented by the author. © The un- ri 


M=18 


The same moment the writer’ Ss ‘should be 


‘M = 1885 - 1885 + 4/3(1-0 0.4u)1885 = 1409 ton- 
which is substantially, greater iin the value oes by | the author, s suggesting ‘ol 


that the structure is much underdesigned. = 

= The loading condition proposed by the writer consists of two steps: the 

_ application of the full load and the removal of the live load, while the author’s Ba 
4 loading requires just one step. The two- step operation should not however be 


2 step loading with the repetitious loading and unloading used : in 1 conditions oe 
One of the difficulties in n practical ap application of { plastic design ‘is the se- 
— of the column sections. s. In making his choice the | designer is complete- 
oy baffled in the unfamiliar surroundings of complicated graphs with no clue ia 
_ whatsoever from the author to assist him. There are two columns ata <igall e. 
_ the one above and the one below. Awr wrong choice of section for either one 


the coefficient by which the working loads should be multiplied in order to <i ‘f 

| _ bring about failure. In the general plastic theory, preceding in the author’s 
book the column theory, the problem of analysis is given as prominent a place © 
4 as the problem of design. However in the presentation of the plastic column | 


theory n no reference i is ‘made to the analysis and this ines drys phase of —_- 


columns. 


= Th e e author credits the Plastic mgr oe with the economy of { weight of the 
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ae The economy is clearly due to the continuity of welded beam to column | 


of aan 


F ow design of the beam to column connections. _ This is another phase of plastic ol. 
design which requires additional study. 7 The writer is not satisfied with the 
recently proposed method of design of connections(2) based on the assumption ql 
that the full plastic moment in the beam, in the vicinity of the connection, is — 


carried solely by the flanges. formula based on this | 
is also ates given in| the new manual. 


CONCLUSION 
q In summarizing these various points, the plastic column theory appears ope 
; — complex and not applicable in all conditions. In the areas where it is ol ax 
cs most successful it is somewhat arbitrary and is essentially an elastic theory. tos 
Although much of this discussion has been of a critical nature, itis hoped 
that when it is read in conjunction with the author’s paper, laudatory inits 
ae it may contribute to the attainment of a more balanced view of plastic 
design. Many of the points mentioned here have undoubtedly been realized by — 
c, the author who wrote on page 339 of his book at the conclusion of the chapters ma = 
on column design: “It cannot be claimed that anything like a complete sccount 
of stanchion behaviour, far less a universally applicable method of stanchion — 
_ _ design, has been given in these three chapters. However, what has been re- | 
- ported should be of some use use to the designers. dl With this” statement the » the writer 
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7 Lynn Beedle. ». “Plastic Design of Steel Frames. ” Wiley & Sons, 1959. 
ign i American of Steel 1 Construction, 
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g columns with eccentric loads to meet the of the AISC 


where: P isthe 
is the allowable bending load considering lateral buckling 
about th the minor axis. 
is20Ks1 


are the the eccentricities about the ‘respective axes. 
are the tabulated listed on pages 


: ‘Thus it is possible to select a section from the tables based on an a 


value of an equivalent direct load is — 


4 
= a minimum amount of experience would quickly know in which size group 
_ of columns he could expect to find the required section. Then using the rin, 
for this group, which does not vary appreciably, from page 209 of the Manual, 
select Fa. Using the hei listed in the Allowable Uniform Loads for Beams +“ _ 
Tables, Fp can readily be determined. (This will very often be 20 KS1.) Us-_ 
ing the average Bx or By factor as tabulated in the Manual, the equivalent lc load 
increase factors can be computed, and then the column selected directly. ao a 
_ Initial calculations should be made mentally to confirm the family of columns } a 
: = is indicated, until some ne experience has has been developed concerning the 4 


a Proc. Paper 2035, May, 1959, by R. H. — "Valley Streas 
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—= = 
sections for the conditions of direct load plus eccentricity about the major 
1 a axis only. However, it is possible to solve the problem more directly without ae 
— 
rs 
iter 
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final range of column sizes for | the particular project. . If the -eccen- 


tricity about the X axis is due to 1/2 the depth of the column, a — satel a 
§ 


‘ - — instance, in n the at author’ s example, no not knowing that a 12" column will © 
be used, increase the given load by a factor of 1. This indicates that a 12x12 
column or a 14 x 14- 1/2 column will be required (pages 218 and 216 of the 


Manual). he: ‘Selecting the 12 x 12, ‘use an approximate load factor of 1 x == ( aan 


. — Then find the column to carry a load of approximately 300 (1 ¢ .62) = 484 K. 
\ More accurately take B, = .216 for average 12 x 12 column. _ Fp = 20, since 
Luz 22 feet for 12 x 12 beam. Fa could be computed as n.grenterey: described 
_ or else take P2 = 254 on 22' 


3.4 = 13.3 KSI 


7 Select sibeiain to to carry 3 uot 574) = 474K which is a 12WF = = 120. No > 


calculation is necessary, the initial selection of By and 


__ This could also be be applied to” to the author’s 


Except for knowing that FBI = = 20 KSI ‘the entire ae is solved by use eof 

on on page 220 of the Manual. 

hs. . the author’s discussion of the “error” in his second example, reference 

to errors of less than 1% is purely academic unless he would apply a false 

precision to his results and ignore t the approximation in the loading conditions, 

7 dimensions, and properties of the material in addition to the weight of the 

column itself. Each of these factors is in the order of magnitude of the so- ne 

Called * errors. author should also have’ included bending effects 

the Y-Y axis, these almost occur in the usual framed 
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ASCE. —Professor Bigelow has presented 


- means of the interaction formula of the AISC Specifications. ‘However, § some 
_ years ago Walter L. Willig, F. ASCE, and the writer developed a method which — 
is even faster and more direct. This method, which was published in the | Oe | 


_ December 1951 issue of Civil Engineering, is called the Maximum Stress — : 
The form of the design on for the maximum, stress mi method is 


in in which = cross- ~sectional 


= eccentric load applied at top of colum a ~ Oo 


- = maximum ‘athe unit stress permitted for ordinary 


= permissible average unit stress for axial loadin 


7 resu moments about the principal ax 
By = bending factors oni pp. 207- -221 of the AISC 


‘Although this equation was developed from basic principles, ‘it can n be. 
from the AISC interaction formula by substituting Smax for Fp. ae, 


for £600. interaction formula is more conservative for —-> 600 
_ The application of the maximum stress method will be illustrated by re- 


working the design problem of Professor Bigelow’s article. The ratio 7 


is equal to 1.5 1. 5 for WF By 


and B, are 0.2 and 0.7, respectively. = 
34 

e12 WF: 120 i is sclected:: as the first trial section b panenes its furnished are i 


ximates the trial required area. 
| 

s_ = 13,54 from P. 209 of the AISC Manual _ 


shows that the 12 WF 120 is satisfactory. 
In order to further illustrate the directness of the maximum stress method, 


the design problem will be reworked without any limitation on the size of the —- 
section. _ As before, A= 34. 5. >) trial sections are: 
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CHARLES W. CUNNING! 
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i 
“i ‘The 14 WF 119 is ‘selected as the first trial section because it has the largest 


x 18 WF 


“a is s also satisfactory. Ps review of the ns for the 14 WE deeper ' WF sections © ae 
shows that the 14 WF 11 is nig eens section which should be used for - 
JAMES CHINN, 1 A. M. “ASCE. ~Professor Bigelow has an inter- 
esting variation on a method of determining equivalent concentric load for the | 
_ beam-column designed by the AISC interaction formula. His method and tables 
are sure to find favor in o—— offices because of their | ease and rapidity of 
use. 


~ er 


haps it it would be of interest to generalize Professor Bigelow’ s method 


to include the cases where L/r exceeds 120 and Fp ime * ba 000,000 


rather 


Note that E Bea is the he generalized form of Professor Bigelow’ Ss”6=—ti«<CiS iss 
tabulated in the the AISC for the sections normally 
used as columns, F, for L/r up to 200 is tabulated in the allowable column ” 


_ stress tables, and Fp, when not 20,000 om, can be calculated ed using th the values 
: of d/bt tabulated in the beam tables. rh 


1A ssociate ® Prof. of Civ. E Eng. , Univ. of Col Colorado, Boulder, ik 


Pa 


300 x 14,59 +300 x 4x 0.185 
— a check will be made for lighter . 
— 
— 
A 
— 
— 
7 = 


graduate Steel Design classes for a number of years. Itis basically same 
method presented by several authors in the past.(1,2,3) 


= 


Using equation on the -author’s but seeking the 
lightest section listed than th va 12 in. section: 


20 KSI we 


‘Scanning P, for columns, 12 x 12 and 14; x 14-1/2 WF seem like at pros- 
_ pects. Try 14 x 14- 1/2 since it has wae By and ‘would therefore require 


— ote WF 111 hes A = 32. 65 ry = 3.73 will work 


the first of. a section must have a larger ry to give 
| 2 a smaller L/ry and larger Fg. To reduce the second term, the section must 
have a smaller By. No sections lighter than 111 Ib. ‘possess these properties... 
A ‘section with Ty slightly larger than 3.72 and By slightly larger than 0. 185 
could 3 still give an AREQ larger than 31.7 in? but less than the 32.65 in2 pro- pha 
vided, but none of these are tabulated either. x 14- “1/2 WF 111 is the 
lightest ‘section which can carry the load. 


1. Shedd, Thomas C., Structural Desi in Steel, John 1 Wiley. & 


New York, 1934, p. 223. 


‘Grinter, ‘Linton E., Desi 


Flexural Members, & ‘Sons, New ‘York, 1950, p. 92 
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DIVISION ACTIVITIES 


of = American Society « of Civil il Engineers 


Executive Committee 
— 


_ ASCE | Convention, Washington, D. Cc 


tet Second Conference on Electronic Computation 


y 


a 
D Joint Committee on on 1 Design of Reinforced Concrete Slabs 


on Plastic Design in Steel Pe. 
‘The Ex Executive Committee of the Structural Division met for two days dur- = 
_ ing the ASCE Convention at Cleveland, Ohio. Members of the Committee are 


ry 
_ George S. Vincent, Chairman, Robert D. Dewell, Charles T. G. Looney, © ena 
. ; Emerson J. Ruble and Elmer K. Timby. Mr. N. D. Whitman, Jr., a consulting — 
engineer of California, has been appointed to succeed Robert D. Dewell whose ~ 
term: of office will expire in October, 4 
_ Influenced by the success of the prompt publication in one volume of the _ 
fa recent Conference on Electronic Computation, the Committee passed the fol- his a 
mad 


Be it resolved that it should be policy of the Society: pid onl 


Note: No. 1959-35 is part of the copyrighted Journaf of the Structural Division, 


Proceedings of the American Society of Civil Engineers, Vol. 85, ST 7, September, 
Copyright 1959 e American Society of ‘Regincers, 
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= 
- that they do advance the science of the profession and, accordingly, = 
=~ that the papers at said conferences should be printed in one volume, — 7 
preferably just prior to but at least not later than shortly after the — .. 
To provide | a revolving fund to permit prior financing of 


proceedings; such expenditures to be later reimbursed to the re-_ 
a volving fund from registration fees paid by the attendees of the con- - 
= ference and from purchase prices paid for the conference proceed-_ — ~ 
3. To have the papers printed in such ‘conference proceedings, then 
reviewed in the usual manner, we determine eines suitability 1 


The ‘Task Comnittee o1 on ‘Seismological Forces was renamed Tas 
on 


ommittee on Lateral Loads and incorporated into the new Committee 
is anticipated that the four Task Committees of the 
on Buildings will become joint ASCE - SEAOC (Structural Engineers Asso- 
ciation of California) Committees. 
on Other topics discussed at this meeting were the budget, Technical Proce- _ 
dures Conference, Publications and the promotion of Structural Engineering _ 
among high school students. . The Committee reviewed the proposed programs — 
for the coming meetings of the Structural Division. | The location, date, theme a 
= sessions for these are as follows: 


- halt day sessions at the October ASCE Convention in | Washington, D. C. The 
_ four sessions on Monday and Tuesday are devoted to a “Column Research — Dt 
_ Symposium” and the other two sessions on Thursday to “Lightweight Con- P "4 
struction in Metals”. | The Structural Division is sponsoring an additional — “4. 

_ session devoted to “Composite Design in Building Construction” on Wednes- | 
day afternoon. The complete listing of papers and authors appears in CIVIL pie 
_ ENGINEERING,» Professor Robert A. Hechtman, Structural Division Local kent 

Chairman on Sessions Programs, and those who assisted him have prepared 
an excellent program which deserves our support. ~~ 
: _ ‘The Column Research Symposium is a joint effort of the ASCE and CRC 
on the soon to be released Column Research Guide to Design Criteriafor 
Metal Compression Members. For those who are interested, a listing of Ba 
Column Research Council that are available | appears in the 


= Chairman Publications. Committee, Column Research Council, 101 Park 
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New developments in the field of structural applications of computers have — 
continued to take place since the first Conference in Electronic Computation, 
“held in Kansas City, Missouri, in November 1958. 
Planning for the Second Conference is now underway. This conference is Bo 
_ scheduled for Thursday and Friday 8-9 September 1960 at the new Pittsburgh | 
‘Hilton Hotel. Conference sponsors will be the Structural Division Committee — 


oe Electronic Computation and the Pittsburgh Section, ASCE. = © gal 


Four main th themes arc are planned: 


1. D Design ‘Applications - Outstanding applications in the field of 
7. design, including such areas as ‘optimization of structures 


Structural Analysis - Emphasis will be placed on methods 


developed o: or adapted specifically for use on computers. Car 


Mathematical | Methods - New developments and techniques 


in numerical analysis methods for structures. _ _ 
Professional Problems - Education and utilization of rengi- 


neers in the computer a | a 
- Prospective speakers are cordially invited to submit papers, i are =. 
quested to fill out and mail the attached coupon at once. To be eligible Z 
ie consideration, abstracts of papers must be received before 30 November | 
a7 1960. Final selections will be announced by 15 June 1960. The Committee 


also o expects to extend invitations to lecture to some of the recognized sthor= ¢ # 
4 ities inthese fields. = 


inquiries regarding the Conference s should be addressed t 
Vice-Chairman, Program Committee. 


Chairman 
on Com- Civil Engineering 
University of Dlinois 
on Com- 


_ Fabricated Steel Construction 
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Three Gateway ‘Center 


i a I expect to submit a paper for the Structural ‘Division ae 
Electronic Computation to be held in 1 September 
‘The title of the paper will be 


abstract will inyourhandsonorbefore 


COURSES IN ELECTRONIC COMPUTATION 


‘The Task Committee on Educational Aspects of Electronic Computation ~ 


has sent questionnaires to numerous colleges ¢ and universities to determine 

am _ the type and extent of courses utilizing or devoted to electronic. computation. 
= most replies to date have dealt with courses in the regular curric- 

ula | several institutions have reported on specific evening, extension, or 


short courses. . Following is a partial list of the evening and extension 

courses, in includes known course numbers and 
requisities. 


“Digital and Application” (no prerequisites) 
September 28, 1959 in the “Community College.” 
“Computers and Computer Methods” (Differential Equations) also also 
aa begins September 28, 1959 in the Evening Division. 
Columbia University - New 


= “Numerical Solution of Engineering Problems” (Gs Ss. S. Engr. 206; ba: 


: Cornell University - - Ithaca, New York York 


Short courses of 7 to 10 evenings on programming operation of 
— specific computer are generally given once a semester. 


Thayer School of Engineering (Dartmouth College) - Hanover, New 

cerning the programming of electronic computers. 
_ University of Delaware - Newark 

ain “Automatic Digital Computation” (M370; Differential and Integral 
Calculus) begins September 18, 1959 in University Extension. 

Drexel Institute of Technology (Computing Center) - 

to Computing Machines” 
of Computing Machines” (1 508) 
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Un University of Louisville 


“Numerical Analysis and Use of Blectronic Computers” 

tne The above courses were either given this past : spring « or the la 

that they will be given t the coming academic year. Engineers living hear 

these institutions and interested in the courses , should contact the school for 

In addition to the above evening and extension work, other schools ee 
ported on past short courses. _ The University of Michigan College of En- 

7 gineering has been giving intensive two-week courses inthe summer espe-  __ 


cially for practicing engineers. The George Washington University | School of 


Engineering has also been conducting two-week courses during the summer, = 


queey in July, The University of ‘Utah has conducted several short courses 
_ in programming for interested engineers; these are taught only when a ue- ; 
mand is indicated. Purdue University conducted a short course on — ' 
Highway Engineering which computer programming 
University of California at is planning a two-day 
ference on structural engineering uses of computers; _ date is unknown, aa 
conference may be: repeated at Berkeley. 
Again, , engineers interested in the above conferences | eid short courses 
are urged to contact the universities named. Engineers unable to attend aie 
_ sessions at any of the above schools and interested in short courses, or 
7 evening courses, covering the use of computers in civil engineering and/or i 
programming (i.e., preparing specific problems for computer solution) may 
"write the chairman of the Task Committee, Elwyn H. King, Suite 500, 10 S, ne 
Wabash Avenue, Chicago, Llinois, if sufficient interest exists in any specific 
area, , this information will be relayed to schools in 


Joint ASCE-ACI Committee on Design « of { Reinforced Sai Slabs 


mites were present. The meeting was 3 held jointly with the Project aay 
_ Committee for the Investigation of Multiple Panel Reinforced Concrete weer 
4 Slabs and the principal items of business were progress reports on this re- _ 
— project and discussions of future plans. 
of proposal for research on multiple-panel floor slabs was prepared by j 
s Committee on Design of Reinforced Concrete Slabs as early as 1951, but — 


fin 
- was begun in the Civil Engineering Department | at the University of llinois in an 
: September 1956 under the sponsorship of the Reinforced Concrete Research Jae. 
Council: and with additional financial support from the Directorate of Civil 
Engineering, U. S. Air Force; the Corps of Engineers, U.S. Army; andthe _ 
_ Public Building Service, General Services Administration. The Project ie e 
jee Committee, under the chairmanship of Mr. Leo H. Corning, includes _ 
representatives of the various sponsoring groups as well as ae =e 
from the Executive Group of the Joint ASCE-ACI Committee. = 
SOINT | COMMITTEE ON COMPOSITE CONSTRUCTION bax: 
"The major items on the agenda of the Joint ASCE-ACI on 
= Construction at its Chicago meeting on April 16 and 17 were the dis- “a 
cussions of tentative design criteria and of research problems. 
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A Task Committee headed by Mr. Pp PP Page, Jr. 


casts in-place reinforced concrete. slab on beams of pre-fabricated Gt 
inforced concrete, or prestressed conc rete. The Committee referred various 
_ portions of the proposed criteria to its standing Task Committees for : study : 
and recommendations, It is hoped that the tentative criteria and the accom- — 
_ panying explanatory notes will be completed and presented as a Committee an 
Progress Report by the end of this calendar year. 
_ Studies by the Task Committees indicated a need for further research i - 
several areas, The Task Committee on shear ‘connection, headed by Mr. .LA 
Benjamin, presented outlines for three experimental investigations, An 
vestigation of the shear connection between precast concrete beams and a 
cast-in-place slab will be recommended by the Committee to the Reinforced © 
Concrete Research Council for sponsorship. A proposal for the study of Sn 
mechanical shear connectors combined with bond for steel and concrete com-_ 
' posite beams will be r referred to the / American Institute of Steel Construction, on 
‘The Committee accepted a progress | report on on the | preparation of the ses- 
sion on Composite Construction for Buildings which will be held at the ASCE a 
convention in Washington, D. C. during this coming Oct October, The — 
— will include papers on design « criteria, on research, and on examples of = 
of in steel and concrete, and in pre- a 


-PRECAST STRUCTURAL CONCRETE JOINTS AND CONNECTIONS 


_ The Joint ASCE-ACI Committee on Precast Structural Concrete e Design 
_ and Construction met in Los Angeles in late February, under the chairman-— 
ship o of Mr, . Jack Janney. . The Committee on Masonry and Reinforced Con-_ 
crete, through : its Administrative Committee, recently requested that this a 
committee prepare a special report on joints and connections with all possible 7 
=z This was considered an area in which engineers needed particular inte 
-giudance at this time. To assist in this effort three new members were ~ 
added to committee, Messrs. Gellert, Kenneth C, Naslund, and — 


A. C. Scordelis consented to serve as to handle 


“this project a and personnel was to cover vari various of 


201 - General Considerations 


- Cover and Spacing of Steel Keith Douglass 


Transfer of Shear | = Maurice 
- ‘Transfer of A Axial Keith Douglass 
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207 - - Transfer of Shear and Moment Dave ve 
- | Transfer of Torsion — Kenneth Naslund 


‘The sub-committee expects to have a draft ready for committee review in ; 
- February, 1960. Ultimately this report will constitute a chapter in a Recom- cin 
COMMENTARY ON PLASTIC DESIGNINSTEEL 


-. Commencing with the July issue of the Engineering Mechanics Division | 
Journal, a series of progress reports will be published on the subject | Po 
plastic design in steel. This report documents the applicability of plastic em 
analysis to design of structural steel beams and frames. Theoretical con- 
siderations involved in the plastic theory and in certain secondary design " 
problems are given. Experimental verification is provided. Approximations — 
in the form of “design guides” are suggested. 2s” e] 
For the type of structure to which its application is intended, plastic de-— 
sign results in an over-all balanced design, it makes for a more economical 
aa material, and cc compared with allowable stress (“elastic”) methods Pe : 
isa simpler design technique. Numerous structures have now been built — 
according to designs based on this method and the American Institute of Steel se 
Construction has recently issued a report illustrating the procedures eo 
design mn with specific reference to building ‘construction. 
_ The Commentary on Plastic Design is the work of a Joint Committee ae a 
‘the Welding Research Council and the American Society of Civil Eagincers. i. 
The Joint Committee has approved publication of the Commentary with a 
strong recommendation that it be read ree by all structural gmeere, 


and Methods o of Analysis” 

_ Compression Members 

aa 


-Deflections 
Progress Reports 1 and 2 appear in the July, 1959, Engineering Mechanics ey 
Division Journal and cover the first three items noted above. Additional — 


i News Items for the dics issue of the Newsletter should mene 
to the editor before the end of September. _ Comments on and eee saat 


the improvement of the Newsletter will be welcomed. 


Howard, Needles, Tammen Bergendott 
Church Street 


New York 7, N. Y. 
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‘September, 1959 


The Aluminum | Construction just off the press, ina single 

, _ volume data essential to designers and others concerned with stressed alu- a 
minum structures. Published by the Aluminum Association, an industry-wide — 
q  aicnaine the book presents for the first time computations of allowable _ 
- loads for beams and columns of aluminum — 6061-T6, one of the most 


Included also are the standard tolerances and miscellaneous data — an 
for designing and estimating. This: is sad  Getailing practice a and data 
section covers the hitherto unavailable for beams and columns 
produced in alloy 6061-T6. The data for various types of laterally supported — 
beams and concentric loads on columns were computed by the Polytechnic __ 
= - Institute of Brooklyn. The work was supervised by R. B. B. Moorman, head 
are given on nine alloys that fulfill most structural Found 


num structural y tater giving their dimensions, weights, and properties. 


16 
Making dependable data needed for readily available is expected 
to increase use of the light-weight metal. The book is available at cost of — 


New York 17, N. Y. af 
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